


Geotechnical Design Manual

PREFACE

The South Carolina Department of Transportation (SCDOT) Geotechnical Design Manual
(GDM) has been developed to provide uniform practices for SCDOT's designers to complement
the Mission of SCDOT by providing for safe, economical, effective and efficient geotechnical
designs.*

GDM Version 2.0, January 2019, supersedes all previous editions (Version 1.0, August 2008,
and Version 1.1, June 2010) of the GDM and all publications relating to the geotechnical
aspects of transportation projects.

'SCDOT’s Mission (SC Code Section 57-1-30): “The department shall have as its functions and
purposes the systematic planning, construction, maintenance, and operation of the state highway system
and the development of a statewide intermodal and freight system that is consistent with the needs and
desires of public.

“The department shall coordinate all state and federal programs relating to highways among all
departments, agencies and other bodies politic and legally constituted agencies of this State and the
performance of such other duties and matters as may be delegated to it pursuant to law. The goal of the
department is to provide adequate, safe, and efficient transportation services for the movement of people
and goods.”
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CHAPTER 1
INTRODUCTION

1.1 INTRODUCTION

The South Carolina Department of Transportation (SCDOT) Geotechnical Design Manual
(GDM) has been established to provide uniform guidance for the development of field
explorations, resistance factors (¢), performance limits, design processes and project
deliverables. The GDM applies to all projects on the SCDOT system when required by SCDOT.
The engineer should meet all criteria and practices presented in the GDM, while fulfilling
SCDOT'’s operational and safety requirements. However, the criteria presented in the GDM
shall not be considered as a standard that must be met in all circumstances. Engineers must
consider economic impacts, aesthetics, and the social and cultural resources of the project
area, and other factors as appropriate and shall request modifications to the criteria in writing to
the appropriate Preconstruction — Geotechnical Design Section (PC/GDS) and shall include a
technical justification as to why the modification is necessary. The GDM presents most of the
information normally required in the geotechnical design of transportation projects; however,
because it is impossible to address every issue that geotechnical engineers will encounter,
sound engineering judgment must be exercised when conditions arise that are not specifically
covered in the GDM. Frequently, geotechnical engineers must be innovative in their approach
to geotechnical design. This may require, for example, additional research into geotechnical
literature. Any questions concerning the applicability or interpretation of any procedure,
analysis, or method contained in the GDM shall be directed to the Preconstruction Support —
Geotechnical Design Section (PCS/GDS) for review and comment.

For this Manual, the Geotechnical Engineer-of-Record (GEOR) includes the Regional
Production Group — Geotechnical Design Section (RPG/GDS), the Geotechnical Engineering
Consultant (GEC) whether for design-bid-build or a design build team.

The current version of the GDM was prepared based on the 8" Edition of the American
Association of State Highway and Transportation Officials (AASHTO) LRFD Bridge Design
Specifications (2017) (AASHTO LRFD Specifications) and shall be used whenever the GDM
refers to the AASHTO LRFD Specifications. The applicability of future editions and interims
shall be determined by the PC/GDS in conjunction with the PCS/GDS when requested in writing
from the GEOR.

1.2 REVISION PROCESS

The GDM is intended to provide current geotechnical design policies and procedures for use in
developing State highway projects. To ensure that the GDM remains up-to-date and
appropriately reflects changes in SCDOT'’s needs and requirements, its contents will be updated
on an ongoing basis. Updates and revisions released between editions of the GDM will be
published as Geotechnical Design Bulletin (GDB) and made available on the SCDOT website. It
is the responsibility of the GDM holder to keep their copy of the GDM updated.

It is important that users of the GDM inform SCDOT of any inconsistencies, errors, need for
clarification, or new ideas to support the goal of providing the best and most up-to-date
information practical. Comments may be forwarded to the PCS/GDS.
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CHAPTER 2
GLOSSARY

2.1 INTRODUCTION

The purpose of this Chapter is to provide consistent definitions of key words and concepts that
will be used throughout the GDM. Some of the definitions used herein are exclusive to the
GDM, while others are borrowed from the SCDOT Bridge Design Manual (2006) (BDM) or from
the SCDOT Seismic Design Specifications for Highway Bridges (2017) (Seismic Specs).
Additional definitions are also borrowed from the AASHTO LRFD Specifications referenced in
either the BDM or the Seismic Specs. Where there is potential conflict between the GDM and
any of these other sources, the GDM shall govern, unless specifically indicated otherwise.

2.2 DEFINITIONS

Active Earth Pressure

Coefficient, K, The coefficient of lateral pressure that is developed when a
structure, either an ERS or an abutment wall moves away from
the backfill resulting in a decrease in pressure on the structure
relative to the at-rest pressure

Alternate Profiles Alternate profiles are sometimes necessary when evaluating
settlements; these profiles are typically parallel to the alignment of
the roadway at a location that is subject to larger settlements than
those at the Profile Grade location; alternately, this profile may be
transverse to the Profile Grade and is used to determine
differential settlement

Apparent Opening Size,
AOS (Ogs) A property which indicates the approximate largest particle that
would effectively pass through a geotextile

Approach Slab A reinforced concrete structural slab placed on the embankment
to transition from the roadway pavement to the bridge surface at
the end bent; approach slabs are typically 20 feet in length

Argillaceous Geomaterials Geomaterials that contain a significant clay fraction (CF) (12 to 40
percent) within the soil matrix

At-Rest Earth Pressure
Coefficient, K, The coefficient of lateral pressure that exists in level ground for
the condition of no lateral deformation

Blinding Condition whereby soil particles block the surface openings of a
geotextile, thereby reducing the hydraulic conductivity

Bridge Embankment The longitudinal length of embankment where mitigation is
required to meet the Global Performance Objectives of the Bridge
System as contained in the Seismic Specs or 3.25 times the
height of the backwall (see Chapter 14), whichever is longer; in
the event mitigation is not required, this embankment shall
encompass the front slope and shall extend 3.25 times the height
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California Bearing Ratio
(CBR)

Cantilever ERS

Check Flood

Clogging

Cross-machine Direction

Cross Section

DB/GDS

Design Flood

Drained Strength

Earth Retaining
Structure (ERS)

of the backwall

The ratio of (1) the force per unit area required to penetrate a soll
mass with a 3-square-inch circular piston (approximately 2-inch
diameter) at the rate of 0.05 inches/minute to (2) the force per unit
area required for corresponding penetration of a standard method

An ERS that prevents the advance of an in situ soil mass and is
typically constructed from the top of the wall to the base
concurrent with excavation operations of the in-situ soil to be
removed; cantilever retaining ERS can either be constructed with
or without anchors; typical cantilever ERSs used are Sheet Pile
Wall with and without anchors, Soldier Pile Wall and Lagging with
and without anchors, Tangent/Secant Pile Wall with and without
anchors, and Soil Nailed Wall

Storm surge, tide or mixed population flood shall be the more
severe of the 500-year flow event or from an overtopping flood of
lesser recurrence interval; the Extreme Event Il limit state shall

apply

Condition where soil particles move into and are retained in the
openings of a geotextile, thereby reducing hydraulic conductivity

The direction in the plane of the geosynthetic perpendicular to the
direction of manufacture

A slice or section taken perpendicular to the roadway alignment at
a specific location (station) of the road

Design Build — Geotechnical Design Section

Storm surge, tide or mixed population flood shall be the more
severe of the 100-year flow event or from an overtopping flood of
lesser recurrence interval

Shear strength when there is no change in effective stress on the
failure plane

An engineered structural system that prevents the lateral advance
of a soil mass by resisting the lateral earth pressures exerted by
the soil; ERSs shall have a face angle greater than or equal to 70°
above the horizontal; ERSs have been classified for Strength limit
state design by the type of retaining system as follows:

. Rigid Gravity ERS
. Flexible Gravity ERS
. Cantilever ERS

Further, ERSs are also classified based on the construction
method Fill ERS, bottom-up, or Cut ERS, top-down
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Effective Stress

Embankment

Embankment Widening

ERS Profile

ERS Cross Section

Failure Surface

Filtration

Flexible Gravity ERS

Front Slope

The stress that includes only the forces (loads) that are
transmitted (carried) by grain-to-grain contact

An earthen mass structure constructed from select fill material
placed in compacted lifts over competent soil (natural or
improved) capable of supporting the structure; there are 2 types of
embankments: bridge and roadway; embankments have face
angles of less than 70° above the horizontal

An embankment is considered to be widened when the centerline
of the embankment is shifted more than 1/2 of the width of the
travelway (all travel lanes combined) in either transverse direction
or if 1 travel lane is added in each direction and the centerline of
the embankment does not change

A profile of the wall that indicates the top of the wall, the location
where the wall intersects the natural ground and the bottom of the
wall (embedment depth of the wall below natural ground); wall
profiles typically have their own alignment and stationing and are
tied in to the project alignment

A slice or section taken perpendicular to the wall profile at a
specific location (station)

An approximation of the most likely shear failure surface that will
develop as a result of instability of an earthen mass; typically this
surface has the highest resistance factor (¢ > 1.0); a failure
surface is not considered present if the resistance factor is equal
to or less than 1.0 (¢ < 1.0); the surface may be either circular or
non-circular.

The process of retaining soils while allowing the passage of water
(fluid)

Flexible gravity walls are typically constructed bottom-up (fill) that
have flexible facings and flexible structural elements such as
those used in Gabion Wall, MSE (Full Height Panel Facing), MSE
(Modular Block Facing), MSE (Precast Panel Facing), MSE
(Gabion Facing), and Geosynthetic Reinforced Soil Slopes (face
slopes greater than or equal to 70°)

The embankment that extends beneath the bridge and to the end
of the approach slab (see Figure 10-1); the front slope begins at
the end bent and extends longitudinally from the existing ground
surface in front of the end bent to the end of the approach slab
and extends transversely to existing ground surface on the sides;
front slope grades are given in ratios of horizontal distance to
vertical height (i.e., 2(H):1(V)); for bridges without approach slabs,
the front slope shall extend 20 feet from either “begin” or “end” of
bridge
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Functional Evaluation
Earthquake (FEE)

GEC

Geocell

Geocomposite

Geogrid

Geomembrane

Geonet

GEOR

Geosynthetic

Geotextile

Global Instability

Global Stability Analysis

Gravity ERS

HEOR

Index Test

The ground shaking having a 15 percent probability of
exceedance in 75 years (15%/75yr) and is equal to the 10 percent
probability of exceedance in 50 years (10%/50yr); the FEE PGA
and PSA are used for the functional evaluation of transportation
infrastructure; annual probability of exceedance (Pg) is 2.11x107

Geotechnical Engineering Consultant, a consultant, specializing in
geotechnical engineering, hired by SCDOT to provide
geotechnical services including field, laboratory and engineering
services, that SCDOT either does not perform or has insufficient
personnel to provide the service

A 3-dimensional comb-like structure, that may be filled with soil,
aggregate or concrete

A geosynthetic material manufactured of 2 or more geo-materials
(i.e., geomembrane and geonet combination)

A geosynthetic formed by a regular network of tensile elements
and apertures, typically used for reinforcement applications

An essentially impermeable geosynthetic, typically used to control
fluid migration

A geosynthetic consisting of integrally connected parallel sets of
ribs overlying similar sets of ribs, for planar drainage of liquids or
gases

Geotechnical Engineer-of-Record

A planar product manufactured from polymeric material used with
soil, aggregate, or other geotechnical engineering materials

A permeable geosynthetic comprised solely of textiles

An imbalance of the driving and resisting forces of an earthen
mass that causes a shear failure surface to occur and
consequently causing the earthen mass to deform

An estimation of the balance between the driving forces (demand)
and resisting forces (capacity) within an earthen mass that is
seeking to maintain equilibrium

An ERS that prevents the advance of select fill materials placed
during construction and is constructed from the base to the top of
the wall

Hydraulic Engineer-of-Record
A test procedure which may contain a known bias but which may

be used to establish an order for a set of specimens with respect
to the property of interest
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Intermediate Geomaterials
(IGM)

Machine Direction

Maximum Average Roll
Value (MaxARYV)

Minimum Average Roll
Value (MARV)

Passive Earth Pressure

Coefficient, K,

PC/GDS

PC/SDS

PCS/GDS
PCS/HDS
PCS/SDS
Peak Shear Strength

Permeability

Permittivity

Pore Pressure

Profile Grade

Earth materials with properties at the boundary between soil and
rock that display properties of both materials; the required
properties are discussed in Chapter 6.

The direction in the plane of the geosynthetic parallel to the
direction of manufacture

A quality control tool used by geosynthetic manufacturers to
establish and publish maximum property values

A quality control tool used by geosynthetic manufacturers to
establish and publish minimum property values

The coefficient of lateral pressure that is developed when, either
an ERS or an abutment wall moves toward the backfill resulting in
an increase in pressure on the structure relative to the at-rest
pressure

Preconstruction — Geotechnical Design Section includes
Geotechnical Design Sections within each Regional Production
Group, the Design Build Section and Preconstruction Support
Preconstruction — Structural Design Section includes Structural
Design Sections within each Regional Production Group, the
Design Build Section and Preconstruction Support

Preconstruction Support — Geotechnical Design Section
Preconstruction Support — Hydraulic Design Section
Preconstruction Support — Structural Design Section

The maximum shear stress that a soil can withstand, Tpeax

The rate of flow of a fluid under a differential pressure through a
material

The volumetric flow rate of water per unit cross sectional area per
unit head under laminar flow conditions, in the normal direction
through a geotextile

The force (load) transmitted (carried) by the interstitial water (i.e.,
the water contained in the pore spaces)

Roadway plans typically have plan and profile sheets; the profiles
are given along a specific location of the pavement surface that is
referred to in the plans as the Profile Grade (P.G.) or Finished

January 2019
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Reinforced Embankment

Reinforced Soil
Slope (RSS)

REOR

Residual Shear Strength

Right-of-Way (ROW)

Rigid Gravity ERS

Roadway Embankment

Rock

RPG/GDS

Safety Evaluation
Earthquake (SEE)

SEOR

Grade (F.G.); often this location is the same as the centerline of
the road; there may be multiple profile grades along a divided
roadway or intersection for each traffic direction; the location of
the roadway alignment in plan view typically coincides with the
location of the profile grade

An embankment that typically has a face angle less than 1H:1V
but greater than 2H:1V, and requires the use of geosynthetic
reinforcement within the embankment to maintain stability; a
reinforced embankment can use borrow materials as defined in
the Standard Specifications

An embankment that typically has a face angle greater than or
equal to 1H:1V but less than 70°, has geosynthetic or metallic
reinforcement within the embankment and generally has a face
element of some kind (see Chapter 17 for face elements)

Roadway Engineer-of-Record

The minimum shear stress that a soil can maintain regardless of
the amount of displacement, T,

A privilege to pass over the land of another in some particular
path; usually an easement over the land of another; a strip of land
used in this way for railroad or highway purposes, for pipelines or
pole lines, and for private or public passage

Rigid gravity ERSs are typically constructed bottom-up (fill) that
have rigid facings and rigid structural elements such as those
used in Concrete Barrier Walls, Concrete Retaining Walls, and
Concrete Stem (cantilever) walls with and without buttresses; rigid
gravity ERSs depend on the mass (weight) of the concrete to
resist the driving forces placed on the wall

The portion of the embankment that extends beyond the bridge
embankment and extends between the toes of the slopes on
either side

Naturally occurring solid aggregate of minerals that occur in large
masses or fragments; consolidated accumulation of solid particles

Regional Production Group — Geotechnical Design Section

The ground shaking having a 3 percent probability of exceedance
in 75 years (3%/75yr) and is equal to the 2 percent probability of
exceedance in 50 years (2%/50yr); the SEE PGA and PSA are
used for the safety evaluation of transportation infrastructure.
Annual probability of exceedance (Pg) is 4.04x10™

Structural Engineer-of-Record
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Side Slopes

Standard Specifications

Soil

Soil Shear Strength
Loss (SSL)

Station

Temporary

Transmissivity

Total Stress

Undrained Strength

The embankment that extends perpendicular to the travelway and
has been graded to meet traffic safety and stability requirements;
the side slope begins at the shoulder break and extends to the
existing ground surface; side slope grades are given in ratios of
horizontal distance to vertical height (i.e., 3(H):1(V)), transverse to
the roadway travel direction

The Standard Specifications for Highway Construction, latest
version as published by SCDOT,; the Standard Specifications also
includes Supplemental Specifications, Supplemental Technical
Specifications and Special Provisions

Sediment or other unconsolidated accumulation of solid particles
produced by the physical and chemical disintegration of rock
materials which may or may not contain organic matter

The reduction in soil shear strength caused by seismically induced
cyclic loading of soil; in loose cohesionless soils this is termed
cyclic liguefaction while in plastic cohesive soils, SSL is termed
cyclic softening

Locations along a reference base line on the plan or profile that is
based on measurements from a reference point (i.e., Sta. 1+00.00
=100.00 feet)

Structure or embankment having design life of 5 years or less

The volumetric flow rate of water per unit cross sectional area per
unit head under laminar flow conditions, in the in-plane direction
through a geotextile

The stress that includes all of the forces (loads) that are
transmitted (carried) by not only grain-to-grain contact but also by
the interstitial water

Shear strength when there is no change in water content (i.e., no
volume change)

Unreinforced Embankment An embankment that typically has a face angle flatter than or

equal to 2H:1V; an unreinforced embankment can use borrow
materials as defined in the Standard Specifications

January 2019
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CHAPTER 3
RESERVED

Chapter 3 — Consultant Services and Review of GDM versions 1.0 (2008) and 1.1 (2010) has
been deleted. This Chapter is reserved for future use by SCDOT.
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CHAPTER 4
SUBSURFACE INVESTIGATION GUIDELINES

4.1 INTRODUCTION

A subsurface investigation is typically required for new or replaced structures and roadway
alignments, including realignments involving earthwork. Examples of this include bridge
replacements, widening of existing bridges, roadway realignments including widenings,
pedestrian and wildlife bridges, ERSs, pipes or culverts (greater than or equal to 30 inches in
diameter), overhead sign-structures, sound barrier walls, and other miscellaneous structures.

This Chapter presents guidelines to be used in the development of subsurface investigations,
both preliminary and final. The actual type of subsurface investigation, depth, location, and
frequency of all testing locations shall be based on project specific information. Subsurface
investigations shall also indicate the testing intervals to be used if different from the standard
intervals contained in this Chapter. The specific process requirements for conducting field and
laboratory testing are contained in Chapter 5. The requirements of this Chapter shall be applied
to all projects prepared by or provided to SCDOT (regardless of contracting method including
encroachment permit requests).

The subsurface investigation shall include all backup documentation available. This backup
documentation may include, but is not limited to, previous soil borings in the general vicinity of
the project; USDA soils maps, USGS topographic maps, aerial photographs, and wetland
inventory maps. In addition, the backup documentation should include information pertaining to
the existence or extent of geologic conditions (including but not limited to artesian conditions,
karstic formations, etc.) that may be present at the project site or in the immediate vicinity of the
site that may affect the project. Further, geologic conditions shall be noted on the boring
records and the geotechnical reports shall discuss the impacts of geologic conditions on the
construction of the project.

A detailed subsurface investigation plan (including preliminary and final explorations, if possible)
shall be prepared prior to the commencement of any field operations. For consultant projects,
regardless of contracting method, the GEC shall submit the subsurface investigation plan to the
respective PC/GDS, for review and acceptance. The plan shall describe the soil or rock
stratification anticipated as the basis of the planned exploration. The plan shall outline the
proposed testing types (borings/soundings), depths, and locations of all testing. The subsurface
investigation plan shall conform to the requirements of this Manual. In addition, the GEC is
responsible for ascertaining that all testing locations are clear of utilities. In addition, the GEC
shall prepare and submit an encroachment permit with the respective Resident Maintenance
Engineer (RME) for all testing locations located in the SCDOT Right-of-Way (ROW). The
encroachment permit application will follow the guidelines established by SCDOT and will be
copied to the appropriate PC/GDS. For all testing locations located outside of the SCDOT
ROW, prepare a plan (see GDF 004 in Appendix A) indicate all testing locations and forward the
plan the SCDOT Right-of-Way Office (ROWO). The ROWO will obtain the necessary access
permissions for the affected property owners. The ROWO will inform the PC/GDS once these
permissions have been obtained or not. Frequently, explorations must be conducted in
sensitive environmental areas or in high hazard traffic areas. The GEC'’s exploration plan shall
describe any special access requirements or traffic control requirements necessary to protect
the interests of SCDOT during the field investigation phase and shall be included with the
encroachment permit application. The GEC is responsible for all special access requirements
and traffic control and shall coordinate these activities with the RME. All traffic control shall
conform to the latest Department guidelines.
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4.2 SUBSURFACE INVESTIGATION

Subsurface investigations are typically conducted in 2 phases; preliminary and final. The
location and spacing of all testing locations shall be coordinated between the preliminary and
final subsurface investigations. The preliminary subsurface investigation should be conducted
early enough in the design process to assist in the selection of foundation types, in determining
location and length of the bridge/structure, and to identify areas requiring additional exploration
during the final exploration. The testing locations for the preliminary subsurface investigation
should be easily accessible and within the current SCDOT ROW. The final subsurface
investigation should take into account the testing locations from the preliminary subsurface
investigation. Boring locations that require construction of access entry ways shall be provided
to the Environmental Services Office (ESO) for inclusion in a Programmatic Categorical
Exclusion (CE). Coordinate with the ESO to determine what documentation will be required.
The requirements for the preliminary and final subsurface investigations, including frequency
and spacing of testing locations, are presented in the following Sub-sections and Sections.

42.1 Preliminary Subsurface Investigation

The purpose of the preliminary subsurface investigation is to collect enough basic information to
assist in development of preliminary plans. The results of the preliminary subsurface
exploration shall be presented as indicated in Chapter 21. The testing locations should be
located in readily accessible locations within the SCDOT ROW and should, as indicated
previously, be coordinated with the final subsurface investigation. Any testing locations that
need to be located outside of the SCDOT ROW will require review by the ESO. Coordinate with
the ESO to determine what documentation will be required. The preliminary subsurface
investigation shall include the collection of shear wave velocity data to depths of at least 100
feet beneath the existing ground surface, but may be extended to the practical limit of the
equipment used to measure the shear wave velocities. Perform 1 shear wave velocity test for
bridges with a length of less than or equal to 500 feet. For bridges with lengths greater than or
equal to 1,000 feet perform 1 shear wave velocity test per 500 feet of bridge. For bridges
between 500 and 1,000 feet contact the PC/GDS for guidance. In addition, if surface methods
are used to determine the shear wave velocity, then either testing shall be conducted adjacent
to a proposed boring or a boring shall be performed in the area of the surface method. The
shear wave velocity profile shall be calibrated with the boring. These shear wave velocities
shall be used as described in Chapter 12.

The preliminary subsurface investigation shall include a laboratory testing program that will
consist primarily of index testing. For bridge and structure borings, index testing shall be
performed on all of the samples collected that have an Ng, less than or equal to 35 blows per
foot (bpf) and having an estimated age of Pleistocene and younger. The exception to this is if
the bridge has a Seismic Design Category (SDC) of A, as defined in the Seismic Specs, and the
PGA is less than or equal to 0.20g (PGA < 0.20g), then a SSL analysis will not be required (see
Chapter 13); therefore, the GEOR shall determine how many index tests will be performed.
Index testing shall consist of the following tests:

e Grain-size Distribution with wash No. 200 Sieve
e Moisture-Plasticity Relationship Determination (Atterberg Limits)

» Performed only on samples with more than 20 percent passing #200 sieve
e Natural Moisture Content
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The geologic age shall be estimated using the information presented in Chapter 11 and other
publically available geologic information/literature. All publically used resources shall be
documented in accordance with accepted industry reference standards.

The laboratory testing program shall also include grain-size analysis, including hydrometer, on
all soil samples within the upper 15 feet of the bottom of the water crossing. However, if the
scour depth and/or elevation is known or estimated and is deeper than 15 feet below the bottom
of the water crossing, then grain-size analysis including hydrometer will be conducted to this
scour depth and/or elevation. This analysis is required in determining the amount of scour
predicted for a bridge over a body of water and shall be provided to the HEOR; however, the
HEOR shall be consulted to determine if this analysis is required. If the analysis is required, the
GEOR and HEOR shall discuss the proposed locations of the soil testing locations and sample
depths from where the grain-size analysis with hydrometer shall come from.

Electro-chemical testing (pH, resistivity, chloride, and sulfate testing) shall be performed to
determine the potential impacts of the soils, groundwater, and surface water on the structural
components. Electro-chemical testing of soil samples should be considered from the existing
ground surface to a depth of at least 6 pile diameters below the groundwater interface or 3 feet
below the deepest anticipated groundwater depth, whichever is deeper. Surface water shall
also be tested in coastal regions where the potential intrusion of brackish (higher salinity) water
may occur in tidal streams. In addition, surface water shall also be tested when in the opinion of
the GEOR there is potential source of environmental concern along a stream or river. A field
resistivity test may also be conducted in addition to laboratory resistivity testing.

In addition, a composite bulk sample shall be obtained of the existing embankment material.
The composite sample shall have the following laboratory tests performed:

Moisture-density Relationship (Standard Proctor)
e Grain-size Distribution with wash No. 200 Sieve
Moisture-Plasticity Relationship Determination (Atterberg Limits)
» Performed only on samples with more than 20 percent passing #200 sieve
Natural Moisture Content
e Direct Simple Shear Test
» Performed only on samples with less than or equal to 20 percent passing
#200 sieve
» Sample remolded to 95 percent of Standard Proctor value
» Sample moisture content shall be between -1 percent to +2 percent of
optimum moisture content
e Consolidated-Undrained Triaxial Shear Test with pore pressure measurements
» Performed only on samples with more than 20 percent passing #200 sieve
» Sample remolded to 95 percent of Standard Proctor value
» Sample moisture content shall be between -1 percent to +2 percent of
optimum moisture content

For projects located in the Piedmont Physiographic Province unconfined compression testing of
rock core samples is required. The unconfined compression testing should be performed on
more than 50 percent of the rock cores with lowest Rock Quality Designation (RQD). Provided
enough sample is available to meet the length to diameter ratio required for testing. The
remaining unconfined compression tests shall be performed on rock cores with the highest RQD
values and the longest coring rates (see Chapters 5 and 6). While the compression results on
the lowest RQD specimens will typically govern design, the compression results on the highest
RQD specimens will help determine the size of the construction equipment required.
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The information (i.e. field and laboratory data) collected during the preliminary subsurface
investigation will be used to refine the final subsurface investigation. All field and laboratory
data and any preliminary recommendations shall be reported as required in Chapter 21 and
shall include a completed GeoScoping form. The preliminary geotechnical recommendations
provided are used to evaluate the Design Field Review (DFR) plans. After the DFR has been
conducted, a detailed final subsurface soil exploration is conducted based on the required
structures or geotechnical issues identified during the DFR.

4272 Final Subsurface Investigation

The purpose of the final subsurface investigation is to collect detailed subsurface information for
use in developing final reports and construction plans. The results of the final subsurface
exploration shall be presented as indicated in Chapter 21. The final testing locations shall be
located along the proposed alignment of the roadway and bridge structure whether within or
outside of the existing SCDOT ROW. The testing locations should be coordinated with the
preliminary exploration to avoid testing in the same location and to assure that the entire
construction area is adequately explored. If the preliminary subsurface investigation encounters
thick deposits (i.e. strata thickness greater than 3 feet) of fine-grained very soft to firm soils,
then a field vane shear test (FVST) should be performed in the layer during the final subsurface
investigation. In addition, a pore pressure dissipation test should also be conducted using the
electro-piezocone (CPTu). The PC/GDS shall be contacted to provide a review and acceptance
of the final subsurface investigation testing locations prior to commencement of the final
subsurface investigation. At this time it will be determined if the FVST and pore pressure
dissipation test is to be performed. Further, an explanation of how the FVST and pore pressure
dissipation test results are anticipated being incorporated into the design shall be provided. The
information collected during the final subsurface investigation shall be used to develop the final
foundation and earthwork recommendations for the project.

The final subsurface investigation shall include additional laboratory analyses. These additional
laboratory analyses should include additional index property testing as well as sophisticated
shear and consolidation testing. Index testing (see previously presented list) should be
performed on 100 percent of the samples from the borings located at the ends of the bridge and
100 feet from the end of the bridge. Further, index testing should be performed on 75 percent of
the samples from the interior bridge bent borings. As in the Preliminary Subsurface Exploration,
if the site meets the criteria for no SSL (see Section 4.2.1 and Chapter 13), this index testing
requirement is removed and the GEOR shall determine how many index tests will be performed.
The shear testing shall meet the requirements presented below. The amount of index testing
outside of the limits defined previously shall be at the discretion of the GEOR.

Grain-size Distribution with wash No. 200 Sieve
e Moisture-Plasticity Relationship Determination (Atterberg Limits)
» Performed only on samples with more than 20 percent passing #200 sieve
e Natural Moisture Content
Direct Simple Shear Test
» Performed only on samples with less than or equal to 20 percent passing
#200 sieve
» Sample remolded to 95 percent of Standard Proctor value
» Sample moisture content shall be between -1 percent to +2 percent of
optimum moisture content
e Consolidated-Undrained Triaxial Shear Test with pore pressure measurements
» Performed only on samples with more than 20 percent passing #200 sieve
» Sample remolded to 95 percent of Standard Proctor value

4-4 January 2019



Geotechnical Design Manual SUBSURFACE INVESTIGATION GUIDELINES

» Sample moisture content shall be between -1 percent to +2 percent of
optimum moisture content

For projects located in the Piedmont Physiographic Province unconfined compression testing of
rock core samples is required. The unconfined compression testing should be performed on
more than 50 percent of the rock cores with lowest Rock Quality Designation (RQD). Provided
enough sample is available to meet the length to diameter ratio required for testing. The
remaining unconfined compression tests shall be performed on rock cores with the highest RQD
values. While the compression results on the lowest RQD specimens will typically govern
design, the compression results on the highest RQD specimens will help determine the size of
the construction equipment required.

4.3 SUBSURFACE INVESTIGATION METHODS

This Section discusses the number, location and anticipated depth of all testing locations. As
indicated previously, the preliminary and final subsurface investigations shall be coordinated to
assure that the complete structure (whether bridge or roadway embankment) is adequately
explored. The frequency and spacing of test locations will depend on the anticipated variation in
subsurface conditions and the type of facility to be designed. A surveyor licensed pursuant to
the laws of South Carolina shall locate (station, offset, and GPS coordinates (latitude and
longitude)) and establish ground elevation at all testing locations. The testing location
frequency/spacing and depth criteria indicated below are the minimum requirements. Any
requests to deviate from these minimum requirements shall be made in writing and shall be
forwarded to the PC/GDS for consideration and acceptance. All testing shall be to a sufficient
depth to effectively evaluate the appropriate limit state conditions and shall fully penetrate any
formation that will affect performance (e.g., settlement or slope instability of a roadway
embankment or roadway structure). Soil test borings, CPTu soundings, FVST and/or
dilatometer (DMT) soundings are to be conducted at test locations. No more than half of the
testing locations can be CPTu or DMT soundings. The use of “soil test boring” shall include the
Standard Penetration Test (SPT) unless specifically indicated otherwise. In addition, 1 soil test
boring shall be performed adjacent to a CPTu sounding to allow for correlation of the CPTu
sounding to the actual soils encountered on site. Further, this soil test boring shall be
continuously sampled for the upper 50 feet and sampled every 5 feet thereafter to the
anticipated depth of CPTu sounding or to the actual termination depth of CPTu sounding,
whichever is shallower. The soil test boring shall be located no more than 5 feet from the
location of the CPTu sounding and shall be at the same approximate elevation as the CPTu
sounding.

Soil test borings shall include the SPT and the SPTs shall be conducted as indicated in Chapter
5. Since SPT samples are highly disturbed, these samples can only be used for index and
classification testing. If high quality consolidation and shear strength data are required then
undisturbed samples will be required. The collection of undisturbed samples (location and
depth) shall be determined by the GEOR of the project. Wash rotary drilling methods (see
Chapter 5) shall be used for projects in the following counties: Aiken, Allendale, Bamberg,
Barnwell, Beaufort, Berkeley, Calhoun, Charleston, Chesterfield, Clarendon, Colleton,
Darlington, Dillon, Dorchester, Florence, Georgetown, Hampton, Horry, Jasper, Kershaw, Lee,
Lexington, Marion, Marlboro, Orangeburg, Richland, Sumter, and Williamsburg. These counties
are typically located within the Coastal Plain Physiographic Province of South Carolina, with the
remaining South Carolina Counties located in the Piedmont Physiographic Province of South
Carolina (see Chapter 11 for a detailed geologic discussion). However, the Coastal Plain
extends into Edgefield, Fairfield, Lancaster and Saluda Counties, even though these counties
are normally considered to be Piedmont counties; therefore, for those portions of these counties
that are located in the Coastal Plain, wash rotary drilling methods shall be required. Variations
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to this requirement shall be made in writing and shall be forwarded to the PC/GDS for review
and concurrence.

In areas of difficult access beneath proposed fill embankments or along crossline pipes, manual

augers (MA) with dynamic cone penetrometers (DCPs) may be utilized to evaluate undercutting
requirements. The DCPs should be performed approximately on 1 foot increments.

431 Bridge Foundations

All bridges (vehicular, pedestrian, wildlife, etc.) shall have soil testing taken at each end bent
and at interior bents to meet the minimum geotechnical site investigation indicated below:

Table 4-1, Bridge Foundation Minimum Requirements
Bridge Foundation Type Minimum Geotechnical Site Investigation

Minimum 1 testing location per interior bent'?
Minimum 2 testing locations per end bent>*

Pile Foundation

Single Foundation - Drilled Shatt Minimum 1 testing location per foundation location

(hammerhead)
Multiple Foundation — Drilled Shaft Minimum 2 testing locations per bent location®®
Shallow Foundation — Founded on Soil Minimum 3 testing locations per bent location
Shallow Foundation — Founded on Rock Minimum 2 testing locations per bent location

'Spacing between testing locations may be increased, but shall be approved prior to field
operations and shall include justification; spacing may not exceed 100 feet except on
Eedestrian bridges where the spacing may not exceed 200 feet, longitudinally.

An additional boring shall be required if the interior bent width is 100 feet or more. The bent
length is typically transverse to the centerline of the bridge.

®0One testing location shall be a soil test boring.

*Includes both driven and drilled piles. Drilled piles are only allowed at end bents. Prior
approval of the PC/GDS and the PC/SDS shall be required prior to using drilled piles at
interior bents.

°An additional boring is required if 5 or more drilled shafts will support the bent/footing. To
reduce design and construction risk due to subsurface condition variability and the potential
for construction claims, at least 1 exploration per shaft should be considered for large
diameter shafts (e.g., greater than 5 ft in diameter), especially when shafts are socketed into
bedrock.

®Minimum 1 testing location per bent is allowed in Aiken, Allendale, Bamberg, Barnwell,
Beaufort, Berkeley, Calhoun, Charleston, Chesterfield, Clarendon, Colleton, Darlington,
Dillon, Dorchester, Florence, Georgetown, Hampton, Horry, Jasper, Kershaw, Lee, Marion,
Marlboro, Orangeburg, Sumter, and Williamsburg Counties.

All boring/soundings taken for deep foundations shall extend below the anticipated pile or drilled
shaft tip elevation a minimum of 3 times the diameter/width of the shaft/pile or a minimum of 2
times the minimum pile group dimension, whichever is deeper.

All boring/soundings taken for shallow foundations shall extend beneath the anticipated bearing
elevation to the Depth of Significant Influence (DOSI) as indicated in the following table:
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Table 4-2, Minimum DOSI

Shallow Foundation Case Minimum Testing Depth®
L<2B 2B
2B<L<5B 3B
5B<L<10B 4B
10B<L 6B

'Beneath the anticipated bearing elevation
L = Length of spread footing; B = Width of spread footing (minimum side dimension
of footing)

All bridge foundations (deep and shallow) bearing on rock shall have a minimum of 10 feet of
rock coring or the minimum testing depth requirements listed above, whichever is greater. It is
highly recommended to have rock coring done as close to the proposed shaft or pile location as
possible. South Carolina geology can have a rock formation that changes in a number of feet
along the length or the width of the bridge.

43.1.1 Bridge Scour Analysis Requirements

As indicated previously, all of the soil samples obtained from beneath a stream channel shall
have grain-size including hydrometer analyses performed, if requested/required by the HEOR.
This testing shall be performed at both end bents, regardless of whether the bridge is single
span or multi-span, from depths that approximate the bottom of the stream channel and extend
to a depth of least 15 feet below the approximate bottom of the stream channel. However, if the
scour depth and/or elevation is known or estimated and is deeper than 15 feet below the bottom
of the water crossing, then additional grain-size analysis including hydrometer will be conducted
to this scour depth and/or elevation. For multi-span bridges, laboratory testing samples shall be
obtained from the SPT samples obtained from the soil test borings located at the interior bent
locations to the depths described previously. In addition, a soil test boring to a depth of least 15
feet beneath the bottom of the stream channel shall be performed for a single span bridge, if
requested by the HEOR. If the bottom of the stream channel for single span bridge is
comprised of Partially Weather Rock (PWR), then extend the boring to a depth of 10 feet
beneath the bottom of the stream channel unless otherwise requested by the HEOR. For
stream channels, beneath single span bridges, that are comprised of rock, extend the boring to
a depth of 5 feet for rock with a Rock Quality Designation (RQD, see Chapter 6) greater than 0.
For rock with a RQD of 0 extend the boring 10 feet. The GEOR shall coordinate with the HEOR
concerning the requirement for a soil test boring in the interior of a single span bridge. This
boring may be extended to a deeper depth if the scour depth and/or elevation is preliminarily
estimated to be deeper than 15 feet. Similarly to the soil samples obtained from the end bents,
all of the soil samples obtained from this boring shall have grain-size including hydrometer
analyses performed to a depth of 15 feet below the bottom of the stream channel. The results
of the laboratory testing shall be reported as indicated in Chapter 7.

4.3.2 Earth Retaining Structures

All ERSs shall have a minimum of 2 testing locations per ERS with additional testing locations
performed at least every 50 feet along the ERS line, if the ERS is within 100 feet of bridge
abutments. ERSs more than 100 feet from the bridge abutment shall have a minimum of 2
testing locations per ERS with additional testing locations performed at least every 100 feet
along the ERS line. ERSs with heights of less than 5 feet do not require a geotechnical
exploration unless in the opinion of the GEOR an exploration is warranted, except if the ERS is
part of a compound slope (i.e. the ground surface either slopes up from the top of the wall or
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slopes down from the bottom of the wall (see Figure 18-18)). Mechanically Stabilized Earth
(MSE) walls shall have testing locations at both the wall line and within the reinforced zone at
the same intervals specified above. The testing locations within the reinforced zone shall be
located approximately a distance equal to the wall height from the wall line. In addition, all
anchored walls shall have testing locations at both the wall line and within the anchored zone at
the same intervals specified above with the testing locations within the anchored zone located
approximately a distance equal to the height of the wall from the wall line. The testing at the
locations indicated shall extend to depths sufficient to effectively evaluate all the limit states for
the roadway structure. At a minimum, the testing locations shall extend to a depth of at least
twice the height of the wall beneath the anticipated bearing elevation or to auger refusal,
whichever is shallower.

433 Embankments

All roadway embankments shall have 1 testing location at least every 500 feet along the
roadway embankment; however at the discretion of the GEOR, testing locations along the
roadway embankment may be drilled at a shorter interval. In addition, the bridge embankment
(embankments within 100 feet of a bridge end) shall have a minimum of 3 testing locations; 2 at
the bridge end (which are also used for bridge foundation design) and 1 at a point 100 feet from
the bridge end. The testing location 100 feet from the bridge end must be extended to a depth
that is sufficient to effectively evaluate the Extreme Event (EE) | limit state for the roadway
embankment design (i.e. the side and end slopes). Reinforced Soil Slopes (RSS) located
outside of the bridge embankment shall have a minimum of 2 testing locations, with 1 test
located at either end of the RSS section. An additional testing location shall be added for every
200 feet of length of RSS. The testing locations shall extend to a sufficient depth to effectively
evaluate the Service limit state. RSSs beyond the bridge embankment shall not be analyzed for
the EE | limit state. RSSs that are bridge embankments shall have 1 test located every 100 feet
of total RSS length, in addition, to the soil test borings located at either end of the RSS. These
testing locations shall extend to a sufficient depth to effectively evaluate all limit state conditions.

434 Cut Excavations

All cut excavations having an exposed height of greater than 5 feet shall have 1 test location
performed to the depths indicated below. Cut excavations greater than 300 feet in length shall
have 2 test locations per cut excavation with additional testing locations performed at least
every 300 feet along the cut area. All testing locations shall be performed to a depth of at least
twice the depth of the cut below the anticipated bottom depth of the cut or to auger refusal,
whichever is shallower. Begin rock coring operations at auger refusal. Rock coring is to extend
to at least 5 feet below the anticipated bottom depth of the cut. In addition, a composite bulk
sample shall be collected from the area of the cut excavations, but no less than every 300 feet.
The composite sample shall have the following laboratory tests performed:

e Moisture-density Relationship (Standard Proctor)
e Grain-size Distribution with wash No. 200 Sieve
Moisture-Plasticity Relationship Determination (Atterberg Limits)
» Performed only on samples with more than 20 percent passing #200 sieve
Natural Moisture Content
Direct Simple Shear Test
» Performed only on samples with less than or equal to 20 percent passing
#200 sieve
» Sample remolded to 95 percent of Standard Proctor value
» Sample moisture content shall be between -1 percent to +2 percent of
optimum moisture content
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e Consolidated-Undrained Triaxial Shear Test with pore pressure measurements
» Performed only on samples with more than 20 percent passing #200 sieve
» Sample remolded to 95 percent of Standard Proctor value
» Sample moisture content shall be between -1 percent to +2 percent of
optimum moisture content

4.35 Culverts/Pipes

New pipes and culverts that cross the project alignment in a transverse direction (i.e., an open
drainage system), with an ADT > 5,000 vehicles per day (vpd), having a diameter or an inside
cross-sectional dimension greater than or equal to 48 inches, and are being founded at or below
the original grade, shall have a minimum of 1 test location at each end of the pipe or culvert and
every 100 feet along the pipe or culvert. Pipe and culvert extensions, having a diameter or an
inside cross-sectional dimension greater than or equal to 48 inches, shall have a minimum of 1
test location at each extension. For extensions greater than 50 feet, testing locations shall be
spaced every 50 feet. All testing locations shall extend to a depth sufficient to effectively
evaluate all limit states as directed by the SEOR and/or the HEOR. The testing depths shall be
measured from the anticipated bearing elevation. Testing may be terminated above the
anticipated depth if auger refusal is encountered. For all other pipe and culverts (smaller
diameter, less ADT, pipe and culverts regardless of size or ADT that are founded within the
proposed embankment or that run parallel (longitudinal) (i.e., a closed drainage system) to the
roadway centerline, the exploration requirements shall conform to the requirements for
embankments. Pipe and culverts located in the Piedmont Counties (see Chapter 11 for a more
detailed discussion) having a diameter or an inside cross-sectional dimension greater than or
equal to 48 inches that are to be founded in the existing subgrade and that run parallel
(longitudinal) (i.e., a closed drainage system) to the roadway centerline shall have test locations
every 500 feet or where shallow rock is anticipated and shall extend to a depth of 5 feet deeper
than the proposed invert elevation or to auger refusal, whichever is shallower. The RME may
request additional testing locations for smaller diameter pipes and culverts. The subsurface
investigation should attempt to characterize possible unsuitable soil conditions for which pipes
and culverts are anticipated to be founded in.

4.3.6 Sound Barrier Walls

Sound barrier walls may be supported by either shallow foundations or deep foundations.
Testing locations for sound barrier walls shall be placed at the beginning and ending of the wall,
at the location of major changes in the wall alignment and at a maximum spacing of 200 feet.
For sound barrier walls located on top of a berm, the testing locations shall extend a minimum of
twice the berm height plus twice the height of the proposed sound barrier wall for shallow
foundations and shall extend to a depth sufficient to effectively evaluate the appropriate limit
state requirements for this type of foundation. For sound barrier walls not located on top of a
berm, the testing locations shall extend a minimum of twice the height of the proposed sound
barrier wall for shallow foundations and shall extend to a depth sufficient to effectively evaluate
the appropriate limit state requirements for this type of foundation. If deep foundations are used
to support the sound barrier walls, the testing shall extend a minimum of 5 feet beneath the
anticipated deep foundation tip elevation.

4.3.7 Ground Improvement Methods

Certain ground improvement methods will require additional geotechnical investigations, both in
the field as well as the laboratory. The GEOR is required to understand which ground
improvement methods require additional geotechnical investigation and to establish the scope
of services required to meet the requirements for the anticipated ground improvement method.
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The additional geotechnical investigation may be conducted during the Final Subsurface
Investigation, but may also need to be conducted in a Supplemental Subsurface Investigation.
Prior approval will be required for all Supplemental Subsurface Investigations.

438 Miscellaneous Structures

Miscellaneous structures such as overhead signs and light poles should have a minimum of 1
test location performed per foundation location unless directed otherwise by the PC/GDS. All
test locations shall extend to the same depth criteria as specified for the bridge test locations for
the same type of foundation.

4.3.9 Pavement Structures

Subsurface investigation requirements for pavement structure design vary with location, traffic
level, and project size. Requirements for pavement structure design subsurface investigations
are provided in SCDOT’s Pavement Design Guidelines (latest edition), which is published by the
Office of Materials and Research (OMR). Contact the OMR Geotechnical Materials Engineer
for further information.
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CHAPTER 5
FIELD AND LABORATORY TESTING PROCEDURES

5.1 INTRODUCTION

This Chapter discusses items related to field and laboratory testing procedures. Sections 5.2
and 5.3 discuss sampling procedures and the different methods of retrieving soil and rock
samples. These Sections also discuss drilling procedures and what types of equipment are
typically available. Section 5.4 discusses soil/rock laboratory testing and the different types of
testing procedures. Tests shall be performed in accordance with ASTM and/or AASHTO
standards. Where applicable the appropriate SCDOT testing procedures shall be used. Any
deviations from the accepted testing procedures (includes both field and laboratory) shall be
made in writing to the PC/GDS prior to the testing for review and acceptance. As appropriate
the PC/GDS shall consult with either the PCS/GDS or OMR. All tests shall be performed by a
certified AASHTO Materials Reference Laboratory (AMRL) for the specific test being performed.
As required, the GEC shall provide Excel® spreadsheets that contain data from various tests. In
addition, the GEC shall contact the PC/GDS to ascertain the current version of Excel® being
used by SCDOT.

5.2 SAMPLING PROCEDURES

521 Soil Sampling

ASTM and AASHTO have procedures that must be followed for the collection of field samples.
All samples must be properly obtained, preserved, and transported to a laboratory facility in
accordance with these procedures in order to preserve the samples as best as possible. There
are several procedures that can be used for the collection of samples as described below. See
ASTM D4220 - Standard Practices for Preserving and Transporting Soil Samples.

5.21.1 Bulk Samples

Bulk samples are highly disturbed samples obtained from auger cuttings or test pits. The
guantity of the sample depends on the type of testing to be performed, but can range up to 50
Ib. or more. Typical testing performed on bulk samples include moisture-density relationship,
moisture-plasticity relationship, grain-size distribution, natural moisture content, and triaxial
compression or direct shear testing on remodeled specimens.

5.2.1.2 Split-Barrel Sampling

The most commonly used method for obtaining samples is the split-barrel sampler, also known
as the standard split-spoon. The split-spoon has an interior length that ranges from 18 to 30
inches not including the length of the shoe, typically 1 to 2 inches. This sampler is used in
conjunction with the Standard Penetration Test (SPT). The sampler is driven into soil by means
of hammer blows. The number of blows required for driving the sampler through multiple 6-inch
intervals is recorded. The 2™ and 3™ 6-inch intervals are added to make up the standard
penetration number, Nyeas. The spilt-spoon shall not be driven more than the interior length into
the subsurface soils. After driving is completed the sampler is retrieved and the soil sample is
removed and placed into air tight containers. The entire retrieved sample shall be placed in the
air tight container (i.e., plastic bag). For those split-spoons that encounter a change in soil type,
each soil type will be placed in a separate air tight container to prevent combination of the
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samples. The SPT and collection of samples is to be done at 5-foot intervals, except in the
upper 10 feet where samples will be collected every 2 feet. This type of sampling is adequate
for natural moisture content, grain-size distribution, moisture-plasticity relationship (Atterberg
Limit tests), and visual identification. See ASTM D1586 - Standard Test Method for Standard
Penetration Test (SPT) and Split-Barrel Sampling of Soils (AASHTO T206 - Standard Method of
Test for Penetration Test and Split-Barrel Sampling of Soils).

5.2.1.3 Shelby Tube Sampling

The Shelby tube is a thin-walled steel tube pushed into the soil to be sampled by hydraulic
pressure and spun to shear off the base. Shelby tube sampling is also known as undisturbed
(UD) sampling. After the sampler is pulled out, the sampler is immediately sealed and taken to
the laboratory facility. This process allows the sample to be undisturbed as much as possible
and is suitable for fine-grained soils that require strength and consolidation tests. See ASTM
D1587 — Standard Practice for Thin-Walled Tube Sampling of Soils for Geotechnical Purposes
(AASHTO T207 — Standard Method of Test for Thin-Walled Tube Sampling of Soils). There are
a variety of methods that may be used to collect Shelby tube samples. Listed in the following
Sections are the types of sampling methods commonly used. It is not the intention of this
Manual that this list be comprehensive. Prior approval is required to use other sampling
procedures, contact the PC/GDS for review and acceptance. A soil test boring log shall be
prepared for all locations where UD samples are not collected within an existing soil test boring.
The location (depth) of UD taken in an existing soil test boring shall be indicated on the soil test
boring log. See Chapter 6 for the preparation and presentation of the UD soil test boring log.

5.2131 Fixed Head or Shelby Sampler

The simplest means of obtaining a Shelby tube sample is through the use of a fixed head
attachment that allows a Shelby tube to be connected to the drill string. The head contains a
check valve that allows water and drilling mud to exit the head as the sampler is lowered to the
bottom of the borehole and pushed into the soil using the drill rig. This sampling method is
typically used for firm to stiff fine-grained soils that are not very susceptible to disturbance and are
strong enough to stay in the tube during retrieval.

5.2.1.3.2 Fixed Piston Sampler

This sampler has the same standard dimensions as the Shelby sampler above, but with the
addition of a piston that fits inside the tube. The sampler is connected to the drilling rods and a
small diameter activation rod extends through the drill string from the piston up to the ground
surface. The piston is positioned at the bottom of the thin-wall tube while the sampler is lowered
to the bottom of the hole, thus preventing disturbed materials from entering the tube. The piston
is fixed in place on top of the soil to be sampled by locking the activation rods to a point of fixity
on the ground surface (e.g., a sawhorse, the drill rig, etc.). A sample is obtained by pressing the
tube into the soil with a continuous, steady thrust using the drill rig. The stationary piston is held
fixed on top of the soil while the sampling tube is advanced. This reduces the stress on the soil
during the sampling process and creates suction while the sampling tube is retrieved thus aiding
in retention of the sample. This sampler is suitable for soft to firm clays and silts as well as
some clayey or silty sands. As compared to other thin-walled tube sampling methods, fixed
piston sampling reduces disturbance and increases sample recovery.

52.1.33 Floating Piston Sampler
This sampler is similar to the fixed method above, except that activation rods are not used and

the piston is not fully fixed. A wedge mechanism limits piston movement to 1 direction, which is
towards the top of the sampling tube. As with the fixed piston sampler, the piston is initially
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positioned at the bottom of the tube. As the tube is pushed into the soail, the piston rides on the
top of the sample. Since the piston is not fixed in place and is free to move down as the tube is
being pushed, it applies a load to the soil. If the soil is soft, the loading from the piston may
create significant sample disturbance and may even exceed the soil shear strength. Therefore,
this method should be limited to firm to stiff soils. When the tube is retrieved, the wedge
mechanism fixes the piston in place and thereby aids in sample retention, which is the principal
benefit of the floating piston sampler.

5.2.1.34 Hydraulic (Osterberg) Piston Sampler

The principle of the hydraulic piston sampler is the same as a fixed piston sampler but the 2
devices differ in their operation. Rather than using activation rods to maintain the piston
elevation during sampling, the hydraulic piston sampler uses the drill string for this purpose.
Additionally, rather than using the drill string to push the sampling tube into the soail, the
hydraulic sampler uses the drill rig water pump. The sampling tube is advanced hydraulically
using the drilling water delivered to the sampler through the drill rods. The elimination of the
activation rods makes this method faster than the fixed piston process. However, the push
capacity using the available pressure from the drill rig water pump is less than the push capacity
using the drill rig crowd. Therefore, use of the hydraulic piston sampler is limited to very soft to
firm soils. See ASTM D6519 — Standard Practice for Sampling of Soil Using the Hydraulically
Operated Stationary Piston Sampler.

5.2.1.35 Retractable Piston Sampler

This sampler is similar to the fixed piston sampler; however, after lowering the sampler into
position the piston is retracted and locked in place at the top of the sampling tube. A sample is
then obtained by pushing the entire assembly downward. This sampler is used for loose or soft
soils.

522 Rock Core Sampling

The most common method for obtaining rock samples is diamond core drilling. There are 3
basic types of core barrels: single tube, double tube, and triple tube. All rock cores shall be N-
size and shall have an approximate 2-inch diameter; however, larger rock core diameters may
be obtained with prior approval of the PC/GDS. See ASTM D2113 - Standard Practice for
Rock Core Drilling and Sampling of Rock for Site Investigation (AASHTO T225 - Standard
Method of Test for Diamond Core Drilling for Site Investigation).

5.3 FIELD TESTING PROCEDURES

After access and utility clearances have been obtained and a survey base line has been
established in the field, begin field explorations based on the subsurface exploration plan
prepared by the GEOR. Many methods of field exploration exist; some of the more common are
described below. These methods are often augmented by in-situ testing. The testing described
in this Chapter provides the GEOR with soil and rock parameters determined in-situ. This is
important on all projects, especially those involving soft clays, loose sands, or sands below the
water table, due to the difficulty of obtaining representative samples suitable for laboratory
testing. For each test included, a brief description of the equipment, the test method, and the
use of the data is presented.
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531 Test Pits

These are the simplest methods of inspecting subsurface soils. Test pits consist of excavations
performed by hand, backhoe, or dozer. Hand excavations are often performed with posthole
diggers. Test pits offer the advantages of speed and ready access for sampling; however, test
pits are severely hampered by limitations of depth and by the fact that advancement through
soft or loose soils or below the water table can be extremely difficult. Test pits are used to
examine large volumes of near surface soils and can be used to obtain bulk samples for
additional testing. Test pits are particularly useful in characterizing existing fill material when
buried debris, trash, organics, etc., may be present or are suspected.

53.2 Soil Borings

Soil borings are the most common method of exploration. The results of the soil borings are
presented on a Soil Test Log (see Chapter 6 for detailed description of the information
presented on the log). In addition, to the description of the soils encountered, the Soil Test Log
shall include the depth to groundwater both at the completion of the soil test boring and at least
24 hours later. Soil borings can be advanced using a number of methods. In addition, several
different in-situ tests can be performed in the open borehole. The methods for advancing the
boreholes will be discussed first followed by the methods of in-situ testing.

5.3.2.1 Manual Auger Borings

Manual auger borings are advanced using hand held equipment. Typically, these borings are
conducted in areas where access for standard drilling equipment is severely restricted. Manual
auger borings are limited in depth by the presence of ground water or collapsible soils that
cause caving of the borehole. The Dynamic Cone Penetrometer test is usually conducted in
conjunction with this boring method. A Manual Auger Boring Log and the results of the Dynamic
Cone Penetrometer shall be prepared as indicated in Chapter 6.

5.3.2.2 Hollow Stem Auger Borings

A hollow-stem auger (HSA) consists of a continuous flight auger surrounding a hollow drill stem.
The hollow-stem auger is advanced similar to other augers; however, removal of the hollow-
stem auger is not necessary for sampling. SPT and undisturbed samples are obtained through
the hollow drill stem, which acts like a casing to hold the borehole open. This increases usage
of hollow-stem augers in soft and loose soils. See ASTM D6151 - Standard Practice for Using
Hollow-Stem Augers for Geotechnical Exploration and Soil Sampling (AASHTO T306 - Standard
Method of Test for Progressing Auger Borings for Geotechnical Explorations). This drilling
method is not appropriate in sand below the water table and therefore shall not be used in soils
where sand below the water table is anticipated. This includes any Coastal county; the coastal
portion of a Piedmont county; or river flood plain regardless of where the river is located. The
use of HSA to start a wash rotary boring is not allowed without the express written permission of
the PC/GDS.

5.3.2.3 Wash Rotary Borings

In this method, the boring is advanced by a combination of the cutting action of a light bit and
the flushing action of water flowing upward from the bit. A downward pressure applied during
rapid rotation advances the hollow drill rods with a cutting bit attached to the bottom. The drill
bit cuts the material and drilling fluid, discharged from ports on the side of the drill bit, washes
the cuttings from the borehole. This is, in most cases, the fastest method of advancing the
borehole and can be used in any type of soil except those containing considerable amounts of
large gravel or boulders. Drilling mud or casing can be used to keep the borehole open in soft
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or loose soils, although the former makes identifying strata change by examining the cuttings
difficult. SPT and undisturbed samples are obtained through the drilling fluid, which holds the
borehole open. This method of drilling shall be required in the following counties: Aiken,
Allendale, Bamberg, Barnwell, Beaufort, Berkeley, Calhoun, Charleston, Chesterfield,
Clarendon, Colleton, Darlington, Dillon, Dorchester, Florence, Georgetown, Hampton, Horry,
Jasper, Kershaw, Lee, Lexington, Marion, Marlboro, Orangeburg, Richland, Sumter, and
Williamsburg. These counties are typically located within the Coastal Plain Physiographic
Province of South Carolina, with the remaining counties are located in the Piedmont
Physiographic Province of South Carolina (see Chapter 11 for a detailed geologic discussion).
However, the Coastal Plain extends into Edgefield, Fairfield, Lancaster and Saluda Counties,
even though these counties are considered to be Piedmont counties. For those portions of
these counties that are located in the Coastal Plain, wash rotary drilling methods shall be
required. Additionally, wash rotary drilling methods shall be used at any locations where
alluvium below the water table is anticipated, regardless of the county or proximity to the
Coastal Plain. As previously indicated the use of HSAs to start wash rotary borings is not
permitted without the express written permission of the PC/GDS. However, if the use of HSAs
is permitted, the HSA drilling should not extend more than 3 feet below the existing ground
surface.

5.3.24 Coring

A core barrel is advanced through rock by the application of downward pressure during rotation.
Circulating water removes ground-up material from the hole while also cooling the bit. The rate
of advance is controlled so as to obtain the maximum possible core recovery. See ASTM
D2113 — Standard Practice for Rock Core Drilling and Sampling of Rock for Site Investigation
(AASHTO T225 - Standard Method of Test for Diamond Core Drilling for Site Investigation). A
professional geologist or engineer, with experience in geotechnical engineering, shall be on-site
during coring operations to perform measurements in the core hole to allow for determination of
the Geological Strength Index (GSI) and the Rock Mass Rating (RMR) (see Chapter 6) and
other rock properties. Rock coring, as indicated in Chapter 6, should begin when drilling refusal
is encountered and an SPT N-value of 50 blows per 2 inches or less of penetration is
encountered.

5.3.3 Standard Penetration Test

The SPT is 1 of the most widely used in-situ test in the United States. It has the advantages of
simplicity, the availability of a wide variety of correlations for its data, and the fact that a sample
is obtainable with each test. A standard split-barrel sampler (discussed previously) is advanced
into the soil by dropping a 140-pound manual safety or automatic hammer attached to the drill
rod from a height of 30 inches. [Note: Use of a donut hammer is not permitted]. The
sampler is advanced a total of 18 inches. The number of blows required to advance the
sampler for each of 3 6-inch increments is recorded. The sum of the number of blows for the
2" and 3™ increments is called the Standard Penetration Value, or more commonly, N-value
(Nmeas) (blows per foot). Tests shall be performed in accordance with ASTM D1586 - Standard
Test Method for Standard Penetration Test (SPT) and Split-Barrel Sampling of Soils (AASHTO
T206 - Standard Method of Test for Penetration Test and Split-Barrel Sampling of Soils). The
Standard Penetration Test shall be performed every 2 feet in the upper 10 feet (5 Nmeas) and
every 5 feet thereafter. The exception is beneath embankments, where the Standard
Penetration Test shall also be performed every 2 feet in the first 10 feet below the original
ground surface. The depth to the original ground surface may be estimated based on the height
of the existing embankment.
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When the SPT is performed in soil layers containing large shells, gravels or similar materials,
the sampler may become plugged. A plugged sampler will cause the SPT N-value to be much
larger than for an unplugged sampler and, therefore, not a representative index of the soil layer
properties. In this circumstance, a realistic design requires reducing the N-value used for
design to the trend of the N-values which do not appear distorted. However, the actual N-values
should be presented on the Soil Test Logs (see Chapter 6). A note shall be placed on the Soll
Test Logs indicating that the sampler was likely plugged.

The SPT values should not be used indiscriminately. They are sensitive to the fluctuations in
individual drilling practices and equipment. Studies have also indicated that the results are
more reliable in sands than clays. Although extensive use of this test in subsurface exploration
is recommended, it should always be augmented by other field and laboratory tests, particularly
when dealing with clays. The type of hammer (safety or automatic) shall be noted on the boring
logs, since this will affect the actual input driving energy. Nmeas requires correction prior to
being used in engineering analysis (see Chapter 7).

The amount of driving energy shall be measured using ASTM D4633 - Standard Test Method
for Energy Measurement for Dynamic Penetrometers. Since there is a wide variability of
performance in SPT hammers, this method is used to evaluate an individual hammer’s
performance. The energy of a hammer can be effected by the mechanical state of the hammer
system (i.e., maintained or not), the condition of the rope, the experience of the driller, the time
of day, and the weather. A Quality Assurance/Quality Control (QA/QC) plan for measuring
hammer energy shall be submitted for review and acceptance by the PC/GDS, prior to being
used in the field.

The SPT installation procedure is similar to pile driving because it is governed by stress wave
propagation. As a result, if force and velocity measurements are obtained during a test, the
energy transmitted can be determined.

534 Dynamic Cone Penetrometer Test

The Dynamic Cone Penetrometer (DCP) Test is a dynamic penetration test usually performed in
conjunction with manual auger borings. DCP testing shall be conducted using the procedure
presented by Sowers and Hedges (1966). The DCP resistance values shall be correlated to
Nmeas, DY performing an SPT adjacent to a DCP test location. As an alternate to the Sowers and
Hedges (1966) procedure, the DCP may also be conducted using ASTM D6951 — Standard
Test Method for Use of the Dynamic Cone Penetrometer in Shallow Pavement Applications.

5.35 Cone Penetrometer Test

The Cone Penetrometer Test is a quasi-static penetration test in which a cylindrical rod with a
conical point is advanced through the soil at a constant rate and the resistance to penetration is
measured. A series of tests performed at varying depths at 1 location is commonly called a
sounding.

Several types of cone penetrometers have been historically used, including the mechanical
(Dutch) cone, mechanical friction-cone, electric cone, and electric friction-cone but these are
now obsolete. All Cone Penetrometer Testing on SCDOT projects shall use electro-piezocone
(CPTu) penetrometers. Standard cone penetrometers measure 3 main parameters: 1)
resistance to penetration at the conical tip of the penetrometer, 2) resistance acting on a
cylindrical friction sleeve which is mounted behind the conical tip, and 3) water pressure acting
at the joint between the conical tip and the friction sleeve also known as the u, position. All 3
measurements are made nearly continuously (e.g., every 2 cm (~3/4-inch)) with depth. Many
cone penetrometers also have the ability to measure inclination during penetration and
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specialized cones may include additional capabilities (e.g., instrumentation for shear wave
velocity measurements, resistivity, fuel fluorescence, etc.).

For all types of penetrometers, cone dimensions of a 60-degree tip angle and a 10 cm?(1.55 in?)
or 15 cm? (2.33 in?) projected end area are standard. Friction sleeve outside diameter is the
same as the base of the cone. Penetration rates should be between 10 to 20 mm/sec. Tests
shall be performed in accordance with ASTM D5778 - Standard Test Method for Electronic
Friction Cone and Piezocone Penetration Testing of Soils. Prior to being used on a SCDOT
project, all electro-piezocones shall be calibrated to ascertain that the internal components of
the cone are working correctly. Calibration of the cone shall comply with the requirements of
Section 5.5. In addition, prior to performing each sounding and immediately after completion of
the sounding, the zero readings of the cone shall be obtained. If the before “zero reading” is
different from the after “zero reading”, the GEC shall determine if the cone is working properly.
Further, the GEC shall determine if the different “zero readings” affect the results of the
sounding. If the sounding is affected, then the GEC shall contact the PC/GDS with this
information along with recommendations as to what corrective action is required. If there is no
change between the before “zero reading” and the after “zero reading”, then the “zero reading”
shall be used to correct the results of the sounding.

The measured parameters (i.e, tip resistance, sleeve resistance, and pore pressure) can be
used with various classification methods to determine the soil behavior type. Many correlations
of the cone test results to other soil parameters have been made, and design methods are
available for spread footings and piles. The cone penetrometer can be used in sands or clays,
but not in rock or other extremely dense soils. Since samples are not obtained during a CPTu
sounding, the exploration should be augmented by push-tube sampling, SPT borings or other
borings with soil samples taken. On SCDOT projects, the CPTu soil behavior type (l.) shall be
correlated to the in-situ soils by performing a boring adjacent to the sounding. Only a single
correlation boring shall be required, if in the opinion of the GEOR the site is uniform. If the site
is not uniform, then the GEOR shall determine if additional correlation borings are required. The
soil test boring shall be continuously sampled for the upper 50 feet and sampled every 5 feet
thereafter to the anticipated depth of CPTu sounding termination or the actual depth of CPTu
sounding termination whichever is shallower. The soil test boring shall be located no more than
5 feet from the location of the CPTu sounding and shall be located at the same approximate
elevation. A professional engineer or professional geologist shall classify the soil samples
obtained from the boring using both visual classification methods as well as index testing. Then
the professional engineer or professional geologist shall compare the classifications from the
soil test boring to the soil behavior type classifications indicated by the CPTu sounding.
Differences between the soil classification of the samples from the boring and the soil behavior
type from the CPTu data shall be reflected in subsequent use and presentation of the CPTu
data (e.g., on subsurface cross sections).

As indicated in Chapter 4, the CPTu may be used to measure the dissipation rate of the
excessive pore water pressure for all soils identified as fine-grained with a thickness of more
than 3 feet. At the option of the GEOR, thinner layers may have pore pressure dissipation tests.
The cone should be equipped with a pressure transducer that is capable of measuring the
induced water pressure. To perform this test, the cone will be advanced into the subsoil at a
standard rate of 20 mm/sec. Excess pore water pressures will be measured immediately and at
several time intervals thereafter. Use the recorded data to plot pore pressure dissipation versus
log-time graph. Using this graph, an estimate of the permeability and/or coefficient of
consolidation can be made. In addition an Excel® spreadsheet shall be provided that contains
the data from the test (indicated in Chapter 6).
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5.3.6 Dilatometer Test

The dilatometer is a 3.75-inch wide and 0.55-inch thick stainless steel blade with a thin 2.4-inch
diameter expandable metal membrane on 1 side. While the membrane is flush with the blade
surface, the blade is pushed into the subsurface. The thrust required to insert the dilatometer
ranges from 2 to 15 tons, but should be limited to less than 5 tons to prevent damage to the
dilatometer. Alternatively, the dilatometer can be driven to the required testing interval using a
SPT hammer. However, extreme caution is required when driving the dilatometer to prevent
damage to the instrument. Rods carry pneumatic and electrical lines from the membrane to the
surface. Individual dilatometer tests are typically conducted at depth intervals of 12 inches.
Tests shall be performed in accordance with ASTM D6635 - Standard Test Method for
Performing the Flat Plate Dilatometer. A pressurized gas (a bottle of nitrogen) is used to
expand the membrane into the soil. Three readings or pressures are measured during the test.
According to The Flat Dilatometer Test, Publication No. FHWA-SA-91-044 (Briaud and Miran
(1992)), these readings are:

1. A-pressure — gas pressure against the inside of the membrane when the center of the
membrane has lifted above its support and moved horizontally into the surrounding soil
0.05 mm

2. B-pressure — gas pressure against the inside of the membrane when the center of the
membrane has lifted above its support and moved horizontally into the surrounding soil
1.1 mm

3. C-pressure — gas pressure against the inside of the membrane obtained by slowly
deflating the membrane until contact is reestablished

According to Briaud and Miran (1992), the dilatometer is calibrated in the air under atmospheric
pressure, both before and after the test: “The gas pressure necessary to overcome the
membrane stiffness and move it in the air to both the A position and B position are referred to as

AA and AB, respectively; they are not negligible.” If the membrane calibration is conducted
using the same gauge as used in the field testing, then Zy (see Chapter 6) shall be set to 0.
The reason is that the Zy, correction is already accounted for in the membrane calibration. New
membranes will have calibration values outside of the anticipated values (see Table 5-1). In
order to get the membrane calibration values into the range of anticipated values the new
membrane should be exercised prior to being used for testing. Exercising should continue until
the calibration values are within the anticipated values. “S” (standard) type membranes are
relatively soft and should only be used when the anticipated thrust to advance the dilatometer is
less than 2 tons. “H” (high strength) type membranes are strong and can be used in any soil.
Therefore, the “H” type membrane should be the membrane typically used. The Excel®
spreadsheet shall indicate the type of membrane used.

Table 5-1, Expected Calibration Values
(Briaud and Miran (1992))

Membrane Type AA Calibration (bars) AB Calibration (bars)
Minimum | Maximum | Average Minimum Maximum Average
Standard “S” 0.10 0.20 0.13 0.10 0.70 0.35
High Strength “H” 0.10 0.25 0.19 0.10* 1.50 0.90°

'AB < 0.30 is unusual for “H” membranes and may indicate damage
2Considerable variation

The thrust (qq) is typically measured at the ground surface; therefore, the resistance of the rods
will need to be subtracted from the total thrust to obtain the thrust just to insert the blade. The
resistance of the rods may be determined in several ways, first, estimate the required resistance
on the push rods and reduce the total thrust to get the blade thrust. Second, measure the thrust
encountered during dilatometer insertion, measure the thrust required to extract the dilatometer,
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with the difference between the 2 measurements being the thrust required to insert just the
dilatometer blade. The final way to estimate thrust is to assume the tip stress (qc) required to
insert a nearby cone is the same as the thrust required to insert the dilatometer. In addition, an
Excel® spreadsheet shall be provided that contains the data (indicated in Chapter 6) from the
test.

5.3.7 Pressuremeter Test

This test is performed with a cylindrical probe placed at the desired depth in a borehole. The
Menard type pressuremeter requires pre-drilling of the borehole; the self-boring type
pressuremeter advances the hole itself, thus reducing soil disturbance. The PENCEL
pressuremeter can be set in place by pressing it to the test depth or by direct driving from
ground surface or from within a predrilled borehole. The hollow center PENCEL probe can be
used in series with the static cone penetrometer. The borehole should have a diameter ranging
from 1.03D to 1.2D, where D is the diameter of the pressuremeter. The Menard type
pressuremeter shall have a length to diameter (L/D) ratio of at least 6.5:1 to minimize end
effects. The pressuremeter membrane typically has a slotted tube or a Chinese screen
covering to protect the membrane from punctures during inflation. In soils the membrane is
inflated using either water (typical) or gas, while in weathered and fractured rocks hydraulic oil is
used. Tests shall be performed in accordance with ASTM D4719 - Standard Test Methods for
Prebored Pressuremeter Testing in Soils.

Prior to proposing or conducting the Pressuremeter Test (PMT), the GEOR shall contact the
PC/GDS to discuss the anticipated testing results and the use of these testing results in design.
In addition to the plotted pressuremeter data, the GEC shall provide to the PC/GDS an
electronic file in Excel® format providing at least the following data:

Depth (feet)
Po (psf)
pr (psf)
Pu (psf)
P (psf)

P (psf)
Creep Test

NoopwdE
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Figure 5-1, Pressuremeter Curve
(Sabatini, Bachus, Mayne, Schneider and Zettler (2002))

Where,

p, — Pressure at which recompression of the disturbed soil is complete and expansion
into undisturbed soil begins

p: — Pressure where the soil changes from pseudo-elastic to plastic shear

pu. — Minimum pressure during unloading, in the unload-reload cycle

p: — Pressure at the point during the reload portion in the unload-reload cycle where
recompression ends and plastic shearing reinitiates

p. — Pressure at which curve becomes asymptotic to pressure regardless of the increase
of volume; extrapolated as the pressure when the volume is equal to twice the
initial volume of the pressuremeter

Creep Test — Prior to performing an unload-reload test, a creep test should be
performed, continued deformation at a constant pressure until strain rates of 0.1
percent per minute are recorded

In addition, the PC/GDS will determine what correlated design parameters from the PMT shall
be provided. Contact the PC/GDS for instructions on log preparation and presentation of PMT
data.

Results are interpreted based on semi-empirical correlations from past tests and observation.
In-situ horizontal stresses, shear strength, bearing capacities, and settlement can be estimated
using these correlations. The pressuremeter test results can be used to obtain load
displacement curves (p-y curves) for lateral load analyses. The pressuremeter test is very
sensitive to borehole disturbance and the data may be difficult to interpret for some soils.

5.3.8 Field Vane Shear Test

The Field Vane Shear Test (FVST) consists of advancing a 4-bladed vane into cohesive soil to
the desired depth. The field vane should be advanced a minimum of 4 times the diameter of the
borehole to allow for testing undisturbed soils. The field vane shall have a minimum height (H)
to diameter (D) ratio of at least 2 (see Figure 5-2). In addition, the field vane has 2 basic
configurations rectangular or tapered (see Figure 5-2). In the tapered configuration some vanes
only have a tapered edge along the bottom of the vane which affects the way the undrained
shear strength is determined (see Chapter 7). Torque is applied at a constant rate (6°/min
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(0.1°/sec)) until the sail fails in shear along a cylindrical surface. The torque measured (T,e) at
failure provides the undrained shear strength ((Sy)wst) Of the soil. After determining the torque
required for initial failure ((Su)wst), the vane is quickly rotated through 10 complete revolutions
and the remolded undrained shear strength ((Suem)nst) IS determined using T, for these
revolutions. Using the undrained shear strengths (peak and remolded) the sensitivity of the saill
may be determined. Tests shall be performed in accordance with ASTM D2573 - Standard Test
Method for Field Vane Shear Test in Cohesive Soil (AASHTO T223 - Standard Method of Test
for Field Vane Shear Test in Cohesive Sail).

P ) SR
]

Figure 5-2, Field Vane Devices
(Mayne, Christopher and DeJong (2002))

Thet = Toax — Trod Equation 5-1

Where,

D — Diameter of the field vane

H — Height of the field vane (see Figure 5-2)

e — thickness of the vanes

i+ and iz — Angle measured from the horizontal of the taper (up (T) or down (B))

Thet — Net torque

Tmax — Maximum torque at peak undrained shear strength

Tra — TOrque on rod caused by skin friction

The correlations for (Sy)wst, (Suwem)wst @aNd Sywsty (Se€NSitivity) shall conform to the requirements of
Chapter 7. The GEC shall provide the results of the FVST in an Excel® spreadsheet. The data
from the FVST shall be presented as indicated in Chapter 6. This method is commonly used for
measuring shear strength in soft clays (anticipated shear strength less than 2 tsf) and organic
deposits. It should not be used in stiff and hard clays. Results can be affected by the presence
of gravel, shells, roots, or sand layers. Shear strength may be overestimated in plastic clays (Pl

> 5) and a correction factor (LL,) should be applied.
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Tmobilized = By * (Su)fvst Equation 5-2

u, = 1.05 — 0.45 = (P1)%5 Equation 5-3

Where,
Pl — Plasticity index
p, — Empirical correction factor
Tmobiized — MoODbilized shear strength

5.39 Double-Ring Infiltrometer Test

The double-ring infiltrometer test is used to determine the rate of water infiltration into the
subgrade soils. Infiltration rates are typically required in the design of storm water retention
structures. The test consists of using 2 concentric metal rings that are inserted into the ground.
Water is added to the outer ring and allowed to soak into the soil, with more water added to
keep the water in the outer ring at the same depth. Once the water level in the outer ring stays
constant, water is added to the inner ring until the water level in the inner ring is the same as the
level in the outer ring. As soon as the water level in the 2 rings is the same, the change in the
water level of the inner ring is recorded with time. The test is repeated with successively longer
time intervals until the infiltration rate is constant with time and the infiltration rate can be
determined. Tests shall be performed in accordance with ASTM D3385 - Standard Test Method
for Infiltration Rate of Soils in Field Using Double-Ring Infiltrometer. Contact the PC/GDS for
instructions on presentation of data.

5.3.10 Geophysical Testing Methods

Geophysical testing methods are non-destructive testing procedures which can provide general
information on the general subsurface profile, depth to bedrock or water, location of granular
borrow areas, peat deposits or subsurface anomalies and provide an indication of certain
material properties (i.e., compression wave (V,) and shear wave velocity (Vs)). Geophysical
testing methods are not limited to subsurface conditions, but can also be used to evaluate
existing bridge decks, foundations and pavements. The reader should see Application of
Geophysical Methods to Highway Related Problems, FHWA-IF-04-021 (Wightman, et al.
(2003)), for additional information on the application of geophysical test methods to other areas
other than subsurface conditions.

5.3.10.1 Surface Shear Wave Velocity Methods

Surface wave methods consist of Spectral Analysis of Surface Waves (SASW) or Multi-channel
Analysis of Surface Waves (MASW). The SASW and MASW are used to measure layer
thickness, depth and the shear wave velocity (Vs) of the layer. The shear wave velocity is more
of bulk (general) velocity than a discrete velocity of a layer. Discrete shear wave velocity may
be determined by crosshole or downhole methods. While the SASW will typically have 2
geophones (see Figure 5-3), the MASW will have additional geophones spread over a larger
area. Typically SASW and the MASW profiles are limited to a depth of approximately 130 feet
using man portable equipment. Additional depth can be obtained but heavier motorized
equipment is required. The GEC shall provide the results of the testing in an Excel®
spreadsheet. See Chapter 6 for presentation of SASW/MASW data.
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Figure 5-3, SASW Shear Wave Velocity Testing
(Mayne et al. (2002))

5.3.10.2 Downhole Shear Wave Velocity Methods

Downhole methods for determining shear wave velocity differ from surface methods in that
equipment is placed in the ground (see Figure 5-4). In downhole methods, either, a casing is
placed in the ground and a pair geophones are lowered into the casing or a seismic cone
penetrometer (SCPTu) is pushed into the ground. The SCPTu should have 2 geophones or
accelerometers mounted above the friction sleeve on the cone. The transducers in either
method shall be capable of measuring in orthogonal directions (i.e., 1 vertical and 2 horizontal at
90° to each other). With either method, a shear wave is induced at the ground surface and the
time for arrival is determined. For conventional downhole testing in a borehole, the casing must
be grouted in place with a non-shrink grout. As compared to the casing method, SCPTu is
much faster but has the major limitation of refusal to advance in dense soils. Tests shall be
performed in accordance with ASTM D7400 — Standard Test Methods for Downhole Seismic
Testing. The GEC shall provide the results of the testing in an Excel® spreadsheet. The
spreadsheet shall include both V, and Vs determinations as well as the depth of each reading.
See Chapter 6 for presentation of Downhole Shear Velocity data.
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Figure 5-4, Downhole Shear Wave Velocity Testing
(Mayne et al. (2002))

5.3.10.3 Crosshole Shear Wave Velocity Methods

In crosshole shear wave velocity testing, shear wave velocities are determined between a series
of cased boreholes (see Figure 5-5). A downhole hammer and geophone are lowered to the
same depth, but in different holes. The hammer is tripped and time for the shear wave to travel
to the geophone is recorded. The major limitation to the crosshole method is the expense of the
installation of the required cased borehole. In addition, care must be taken during the
construction of the casings to assure that the casings are plumb and in the same horizontal
plane and are in good contact with the surrounding soil. Depending on the depth and spacing
between the cased boreholes, a verticality survey with an inclinometer may be necessary to
determine the actual spacing between the boreholes at the test depths. Tests shall be
performed in accordance with ASTM D4428 — Standard Test Methods for Crosshole Seismic
Testing. The GEC shall provide the results of the testing in an Excel® spreadsheet. The
spreadsheet shall include both V, and Vs determinations as well as the depth of each reading.
See Chapter 6 for presentation of Crosshole Shear Wave Velocity data.
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Figure 5-5, Crosshole Shear Wave Velocity Testing
(Mayne et al. (2002))

5.3.10.4 Suspension Logging

Suspension logging is a borehole geophysical technique used to measure compression and
shear wave (V, and Vs, respectively) velocities. Unlike the downhole or crosshole methods, the
use of casing is not required; in fact the use of no casing is preferred. The receivers and source
have the same polarity (axis). A schematic diagram of suspension logging is depicted in Figure
5-6. Energy from the source is transmitted through the borehole fluid to the borehole walls,
where the energy is converted into P- and S-waves radiating out from the borehole wall. These
waves travel up the soil column and pass the 2 receivers, which are located 1 meter apart. The
time between energy wave generation and the time for first arrival at each receiver is recorded.
The V, and V, can be developed from the arrival times and the distance between the receivers.
Advantages and limitations are presented in Diehl, Martin and Steller (2006). Suspension
logging shall conform to the requirements of ASTM D5753 — Standard Guide for Planning and
Conducting Borehole Geophysical Logging. In addition, the testing methodology for the
suspension logging shall be provided by the GEC to the PC/GDS prior to commencing field
work. The GEC shall provide the results of the testing in an Excel® spreadsheet. The
spreadsheet shall include both V, and V, determinations as well as the depth of each reading.
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Figure 5-6, Suspension Logging Schematic
(Diehl, Martin and Steller (2006)

5.3.10.5 Acoustic Televiewer

The acoustic televiewer uses an acoustic signal to obtain an oriented image of a borehole. Itis
anticipated that this testing method will only be used in boreholes that extend into rock where
obtaining cores is difficult, expensive or are simply not available. The acoustic signal is
generated by a rotating sonar transducer, which produces an “image” of the borehole. The
image can be presented 2 different ways either as a wrapped core (Figure 5-7 — left hand
image) or as an unwrapped image, viewed from the center of the borehole (Figure 5-7 — right
hand image). From the data obtained void and joint data may be presented in terms of depth,
direction of dip (with respect to North), dip angle and strike.

The preferred piece of equipment is a high-resolution acoustic televiewer. The use of a high-
resolution acoustic televiewer allows the “image” to be presented in “pseudo-color”. Breaks and
voids in the rock will appear as dark lines on the image. The acoustic televiewer shall conform
to the requirements of ASTM D5753 - Standard Guide for Planning and Conducting Borehole
Geophysical Logging. In addition, the testing methodology for the acoustic televiewer shall be
provided by the GEC to the PC/GDS prior to commencing field work. The GEC shall provide
the results of the testing in an Excel® spreadsheet. Contact the PC/GDS for instructions on
data presentation.
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Figure 5-7, Acoustic Televiewer Image
(GEOQVision (2014))

5.3.10.6 Seismic Refraction

Seismic refraction is primarily used to determine the depth to bedrock. This method works well
for depths less than 100 feet. A seismic energy source is required for producing seismic waves
(see Figure 5-8). A sledge hammer is typically used for depths less than 50 feet and either a
drop weight or a black powder charge is used for depths between 50 and 100 feet. The seismic
compression waves penetrate the overburden material and refract along the bedrock surface.
This method can be used for up to 4 soil layers on rock layers; however, each layer must have a
higher shear wave velocity than the overlying layer. Figure 5-9 provides an example of
determining the depth to rock in a 2-layer system. Tests shall be performed in accordance with
ASTM D5777 — Standard Guide for Using the Seismic Refraction Method for Subsurface
Investigation. The GEC shall provide the results of the testing in an Excel® spreadsheet.
Contact the PC/GDS for instructions on data presentation.

January 2019 5-17



Geotechnical Design Manual FIELD AND LABORATORY TESTING PROCEDURES

Seismic Refraction
ASTM D 5777

Note: Vp1 < Vp2

Determine depth
to rock layer, z,
Source

(Plate)

Vertical +2 oscilloscope
Geophones 3

&0

Figure 5-8, Seismic Refraction Testing
(Mayne et al. (2002))
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Figure 5-9, Data Reduction Example for Determining Depth to Hard Layer
(Mayne et al. (2002))

5.3.10.7 Seismic Reflection

Seismic reflection uses a surface seismic wave source to create seismic waves that can
penetrate the subsurface. The waves are reflected at interfaces that have either a change in
shear wave velocity and/or a change in density. Changes in velocity or density are termed
impedance contrasts. At impedance contrasts, a portion of the seismic wave is reflected back
to the ground surface and a portion continues into the subsurface where it is reflected at the
next impedance contrast. Seismic reflection techniques can obtain information in excess of 100
feet. Tests shall be performed in accordance with ASTM D7128 — Standard Guide for Using the
Seismic-Reflection Method for Shallow Subsurface Investigation. Contact the PC/GDS for
instructions on the presentation of the data.
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5.3.10.8 Resistivity

Resistivity is used to find the depth to bedrock since soil and rock typically have different
electrical resistances. The depth of the resistivity survey is typically 1/3 of the electrode
spacing. For example, to reach a depth of 50 feet an electrode spacing of 150 feet is required.
Resistivity surveys can reach depths of 160 feet. Resistivity testing is affected by the moisture
content of the soil and the presence or lack of metals, salts and clay particles. In addition,
resistivity surveys may be used to model ground water flow through the subsurface. Further,
resistivity surveys may also be used to determine the potential for corrosion of foundation
materials for the in-situ subsurface materials. Tests shall be performed in accordance with
either ASTM D6431 — Standard Guide for Using the Direct Current Resistivity Method for
Subsurface Investigation or ASTM G57 — Standard Test Method for Field Measurement of Soll
Resistivity Using the Wenner Four-Electrode Method. Contact the PC/GDS for instructions on
the presentation of data.

5.4 SOIL/ROCK LABORATORY TESTING

54.1 Grain-Size Analysis

There are 2 types of grain-size analysis tests: grain-size with wash No. 200 and the hydrometer
test. Grain-size with wash No. 200, also known as Sieve Analysis, is for coarse-grained soils
(sand, gravels) while the hydrometer test mainly is used for fine-grained soils (clays, silts). The
results of the analyses are presented as depicted in Chapter 6.

The grain-size analysis can also be used for obtaining 3 basic soil parameters from the curves.
These parameters are: effective size (Dj), Coefficient of Uniformity (C,), and Coefficient of
Curvature (C.). As required in Chapter 4, a hydrometer test and grain-size analysis shall be
performed on selected samples to determine the Ds, which is used in scour analysis by the
HEOR. The results of the testing are presented as indicated in Chapter 7.

541.1 Sieve Analysis

The sieve analysis is a method used to determine the grain-size distribution of soils between the
3-inch sieve and the No. 200 sieve. The soil is passed through a series of woven wires with
square openings of decreasing sizes. The test gives a soil classification based on the
percentage retained on each sieve. See ASTM D6913 - Standard Test Method for Particle-Size
Distribution (Gradation) of Soils Using Sieve Analysis. The amount passing the No. 200 sieve
shall be determined in accordance with ASTM D1140 — Standard Test Method for Amount of

Material in Soils Finer than No. 200 (75-um) Sieve. For gradations of particles greater than the
3-inch sieve in accordance with ASTM D5519 — Standard Test Method for Particle Size Analysis
of Natural and Man-Made Riprap Materials.

5.4.1.2 Hydrometer

The hydrometer analysis is used to determine the particle size distribution in a soil that is finer
than a No. 200 sieve size (0.075 mm), which is the smallest standard size opening in the sieve
analysis. The procedure is based on the sedimentation of soil grains in water. It is expressed
by Stokes Law, which states that the velocity of the soil sediment is based on the soil particles
shape, size and weight, as well as the viscosity of the water. Thus, the hydrometer analysis
measures the change in specific gravity of a soil-water suspension as soil particles settle out
over time. See ASTM D7928 - Standard Test Method for Particle-Size Distribution (Gradation)
of Fine-Grained Soils Using the Sedimentation (Hydrometer) Analysis (AASHTO T88 - Standard
Method of Test for Particle Size Analysis of Soils).

January 2019 5-19



Geotechnical Design Manual FIELD AND LABORATORY TESTING PROCEDURES

54.2 Moisture Content

The moisture content (w) is defined as the ratio of the weight of water in a sample to the weight
of solids. The weight of the solids must be oven dried and is considered as weight of dry soil.
Organic soils can have the moisture content determined, but must be dried at a lower
temperature for the weight of dry soil to prevent degradation of the organic matter. See ASTM
D2216 - Standard Test Methods for Laboratory Determination of Water (Moisture) Content of
Soil and Rock by Mass (AASHTO T265 - Standard Method of Test for Laboratory Determination
of Moisture Content of Soils). It is noted that the terms “moisture content” and “water content”
are used interchangeably.

543 Atterberg Limits

The Atterberg Limits are different descriptions of the moisture content of fine-grained soils as it
transitions from a solid to a liquid-state (also termed the moisture-plasticity relationship). For
classification purposes the 2 primary Atterberg Limits used are the plastic limit (PL) and the
liquid limit (LL). The plasticity index (P1) is also calculated for soil classification.

5.4.3.1 Plastic Limit
The PL is the moisture content at which a soil transitions from being in a semisolid state to a
plastic state. Tests shall be performed in accordance with ASTM D4318 - Standard Test

Methods for Liquid Limit, Plastic Limit, and Plasticity Index of Soils (AASHTO T90 - Standard
Method of Test for Determining the Plastic Limit and Plasticity Index of Soils).

5.4.3.2 Liquid Limit

The LL is defined as the moisture content at which a soil transitions from a plastic state to a
liquid state. Tests shall be performed in accordance with ASTM D4318 - Standard Test
Methods for Liquid Limit, Plastic Limit, and Plasticity Index of Soils (AASHTO T89 - Standard
Method of Test for Determining the Liquid Limit of Soils).

5.4.3.3 Plasticity Index

The Pl is defined as the difference between the LL and the PL of a soil. The PI represents the
range of moisture contents within which the soil behaves as a plastic solid.

PI =LL — PL Equation 5-4

544 Specific Gravity of Soils

The specific gravity of soil, Gs, is defined as the ratio of the unit weight of a given material to the
unit weight of water. The procedure is applicable only for soils composed of particles smaller
than the No. 4 sieve (4.75 mm). This test shall be performed in conjunction with all
consolidation tests. See ASTM D854 - Standard Test Methods for Specific Gravity of Soll
Solids by Water Pycnometer (AASHTO T100 - Standard Method of Test for Specific Gravity of
Soils). If the soil contains particles larger than the No. 4 sieve (4.75 mm), use ASTM C127-
Standard Test Method for Density, Relative Density (Specific Gravity), and Absorption of Coarse
Aggregate.
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545 Undisturbed Sample Preparation

Strength and consolidation testing require the use of undisturbed (Shelby tube) samples, to
avoid unnecessarily compromising the samples, extreme care is required in the transportation
and handling of this samples. These samples shall be transported in a manner to minimize
shaking and shall be oriented vertically with the top of the sample at the top of the carrier used
to hold the tubes during transportation to the laboratory. Upon arrival at the testing laboratory
all samples will maintain the same vertical orientation. The Shelby tube shall be cut in
approximate 6-inch lengths with stiff (i.e., Ngo-value greater than or equal to 9 blows per foot)
shall be extruded in the same direction as the sample was pushed i.e., extrude the sample
toward the top of the tube. For soft soils (i.e., Ngo-value less than 9 blows per foot) cut the
Shelby tube in approximate 6-inch lengths and very carefully cut the Shelby tube off the sample
using something similar to a Dremel® tool. Prise the cut carefully off the sample to minimize
disturbance. At no time shall the sample be extruded from the Shelby tube, since this may
potentially disturb the sample. Prepare an Undisturbed Shelby Tube log as indicated in Chapter
6. Provide the Undisturbed Shelby Tube log to the GEOR prior to commencing any strength or
consolidation testing. Based on the results of the log, the GEOR will determine which individual
specimens will be used in testing.

54.6 Strength Tests

The shear strength is the internal resistance per unit area that the soil can handle before failure
and is expressed as a stress. There are 2 components of shear strength, a cohesive element
(expressed as the cohesion, c, in units of force/unit area) and a frictional element (expressed as
the angle of internal friction, ¢, in units of degrees, °). These parameters are expressed in the

form of total stress (c, ¢) or effective stress (c', ¢'). The total stress on any subsurface element
is produced by the overburden pressure plus any applied loads. The effective stress equals the
total stress minus the pore water pressure. The common methods of ascertaining these
parameters in the laboratory are discussed below. All of these tests are normally performed on
undisturbed samples, but may also be performed on remolded samples. Further, the moisture-
plasticity (Atterberg Limits), moisture content, and grain-size analysis with wash #200 sieve
shall be performed on all samples that are tested for shear strength.

5.4.6.1 Unconfined Compression Tests

The unconfined compression test is a quick method of determining the value of undrained
strength ((Su)uc or (tmax)uc) for clay soils. The test involves a clay specimen with no confining
pressure and an axial load being applied to observe the axial strains corresponding to various
stress levels. The stress at failure is referred to as the unconfined compression strength, q,. If
failure has not occurred prior to 15 percent strain, then the sample at 15 percent strain is
considered to have failed and the stress at this strain shall be reported as q,. See ASTM D2166
- Standard Test Method for Unconfined Compressive Strength of Cohesive Soil (AASHTO T208
- Standard Method of Test for Unconfined Compressive Strength of Cohesive Soil).

q .
(Tmaxdve = Swue = () Equation 55
5.4.6.2 Triaxial Compression Tests
The triaxial compression test is a more sophisticated testing procedure, as compared to the

unconfined compression test, for determining the shear strength of a soil. The test involves a
soil specimen subjected to an axial load until failure while also being subjected to confining
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pressure that approximates the in-situ stress conditions. The GEOR shall be responsible for
determining the required confining pressures (o3). The confining pressures shall model the
existing loading conditions on the soil as well as future loading conditions. There are 3 types of
triaxial tests which are described below.

546.21 Unconsolidated-Undrained (UU), or Q Test

In unconsolidated-undrained (UU) tests, the specimen is not permitted to change its initial water
content before or during shear (i.e., the volume of the sample doesn’t change). It should be
noted that the results of this test are predicated on the assumption that the soil sample is 100
percent saturated. Typically, a UU test is performed on samples that will mechanically behave
as a Clay-Like soil (see Chapter 7 for an explanation of Clay-Like). The results are expressed
in total stress parameters, (Sy)uu (see Figure 5-10; where each test is considered independent
of the other tests). In addition to (Sy)uu, the o3 for each undrained shear strength shall be
indicated. The o3 should range from the existing overburden pressure to the anticipated full

embankment height. The interpretation of ¢ and ¢ from an UU test is incorrect and shall not be
accepted. The failure mode of the soil specimen shall also be indicated (i.e., bulging, shear
plain, etc.). This test is used primarily in the calculation of immediate embankment stability
during quick-loading conditions. Refer to ASTM D2850 - Standard Test Method for
Unconsolidated-Undrained Triaxial Compression Test on Cohesive Soils (AASHTO T296 -
Standard Method of Test for Unconsolidated, Undrained Compressive Strength of Cohesive
Soils in Triaxial Compression).

T (I) C -incorrect interpretation

S, 1 - correct interpretation

S, 2 - correct interpretation
S, 3 - correct interpretation

mcmiw
- NW

Figure 5-10, Interpretation of UU Test Data
(Sabatini et al. (2002))

54.6.2.2 Consolidated-Undrained (CU), or R Test

The consolidated-undrained (CU) test is the most common type of triaxial test. This test allows
the soil specimen to be isotropically consolidated under a confining (also called consolidation)
pressure (O3 or G¢) prior to shear. In some of the literature this test is also designated CIU
(consolidated isotropic undrained) shear strength test. When pore pressures are also measured
during testing, the test is designated CUw/pp (ClUw/pp), both effective and total stress soll
shear strength parameters may be developed. Therefore, CU tests with pore pressure
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measurements (CUw/pp) are required. As presented below, when selecting o5 for use in testing
account for the effects of sample disturbance. Effective stress parameters, ¢’ and c’, for soils
that behave mechanically as a Clay-Like soil (see Chapter 7 for an explanation of Clay-Like)
can be directly developed from the results of the testing and used in long-term stability
analyses. For the same soil type, short-term stability analyses should be performed using total
stress parameters. In the total stress analyses the ratio of the undrained shear strength ((Sy)cu)
to effective overburden pressure (c',) or in the case of laboratory testing (o's), ((Su)cu)/c’y or
((Su)cu)lo’s) should be used. It is noted that in this approach to total stress analyses, it is

assumed that ¢ = 0.

Where,
¢ = Total stress friction angle
o'3 = Effective confining pressure

03 =03 — Au Equation 5-6

Where:
o3 = Total confining pressure
Au = Change in pore pressure

According to Sabatini et al. (2002), a confining pressure (c3) approximately equal to the in-situ
effective overburden stress (c’,) will overestimate the undrained shear strength of the soil. This
overestimation of undrained shear strength is caused by sample disturbance. During drilling,
sampling, transportation, extrusion and sample trimming the sample will become denser (i.e.,
the void ratio, e, will decrease). When confined at the same approximate overburden pressure,
the denser sample will tend to have higher shear strength than the actual soil would have. To
compensate for this apparent overestimation of undrained shear strength, the use of a confining
stress in excess of the effective overburden stress should be used. Sabatini et al. (2002) states:

Because consolidation to higher pressures will result in higher undrained
strengths, the undrained strength measured using a CU test at consolidation
pressures (confining stress) greater than those corresponding to the depth at
which the sample was taken is not a correct measure of the undrained strength
for the depth in the ground where the sample for the CU test was taken.

To compensate for this overestimation of undrained shear strength, the undrained shear
strength should be normalized by the effective overburden pressure (o0’y,) or the confining

pressure (G'3) as discussed previously.
The results of the CUw/pp testing shall include the following information and graphs:

1. Mohr’s Circle (total stress) including undrained shear strength at failure
a. ((Su)uc)/ G,vo or ((Su)uc)/ G’g

2. Mohr’s Circle (effective stress) including best fit line — see Figure 5-11
a. ¢
b. ¢

3. p’-q’ plots (effective stress) — see Figure 5-12
a. o
b. a

4. p-q plots (total stress) including undrained shear strength at failure

a. ((SU)UC)/ G,vo or ((Su)UC)/ 0’3
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Figure 5-11, Mohr Circle Depicting Mohr-Coulomb Failure Criterion
(Mayne et al. (2002))
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Figure 5-12, Stress Path (p’-q’) Plot
(Sabatini et al. (2002))

Effective stress soil parameters (¢’ and ¢’) can be derived from the stress path plot using the
following equations:

¢’ =sinltana’ Equation 5-7
/ a’ .
= Equation 5-8
cos ¢/
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The failure mode of the soil specimen shall also be indicated (i.e., bulging, shear plain, etc.). In
addition, the procedure for determining failure shall also be indicated. See ASTM D4767 -
Standard Test Method for Consolidated Undrained Triaxial Compression Test for Cohesive
Soils (AASHTO T297 - Standard Method of Test for Consolidated, Undrained Triaxial
Compression Test on Cohesive Soils).

54.6.2.3 Consolidated-Drained (CD), or S Test

The consolidated-drained (CD) test is similar to the consolidated-undrained test except that
drainage is permitted during shear and the rate of shear is very slow. Thus, the buildup of
excess pore pressure is prevented. Because of the length of time to conduct this test, it is
typically not performed on SCDOT projects. The exception to this is if the sample is Sand-Like
(see Chapter 7 for an explanation of Sand-Like) then a consolidated-drained triaxial shear test
may be considered. Prior to performing this test, the PC/GDS shall review the purpose of the
test and the anticipated outcome. This test is used to determine parameters for calculating
long-term stability of embankments. The failure mode of the soil specimen shall also be
indicated (i.e., bulging, shear plain, etc.). In addition, the procedure for determining failure shall
also be indicated. Refer to ASTM D7181 — Standard Test Method for Consolidated Drained
Triaxial Compression Test for Sails.

5.46.3 Resonant-Column Test

The resonant-column test is used to determine the shear modulus, G; shear damping, A; and
Young’'s modulus, E. This test may be performed on either undisturbed or remolded specimens.
In addition, the specimen may be unconfined or the specimen may have a confining pressure
applied to it. If confining pressure is to be used the procedures discussed in Section 5.4.5.2.1
shall be used in regards the confining pressure. The GEOR shall be responsible for
determining the required o;. See ASTM D4015 — Standard Test Methods for Modulus and
Damping of Soils by Resonant-Column Method.

546.4 Direct Shear

The direct shear test is the oldest and simplest form of shear test. A soil sample is placed in a
metal shear box and undergoes a horizontal force, typically designated T (tangential force).
While the horizontal force is being applied, a normal force (N (P in Figure 5-13)) is applied to the
top of the direct shear box. The application of a higher N causes T to increase. The forces are
often expressed as stresses (oy and t). Because of the way the shear test is conducted, the
soil fails along a horizontal plane. The test is performed using strain-control and is performed
slowly enough to allow drainage to prevent the buildup of excess pore pressures. There are 2
types of direct shear test; simple and torsional, each test is described in the following Sub-
sections. Similarly, to the triaxial tests, the GEOR shall be responsible for determining N for
both test types.

5464.1 Direct Simple Shear Test

The direct simple shear test is applicable to all soil types; however, it is typically performed on
Sand-Like (see Chapter 7 for an explanation of Sand-Like). The results of the test shall be
presented as indicated in Figure 5-13. In addition, a table of oy and t shall also be provided.

The test is typically performed as consolidated-drained test on Sand-Like soils; however, there
is a test method available to perform a consolidated-undrained test (ASTM D6528 — Standard
Test Method for Consolidated Undrained Direct Simple Shear Testing of Cohesive Soils). The
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use of ASTM D6528 will require approval by the PC/GDS. See ASTM D3080 - Standard Test
Method for Direct Shear Test of Soils Under Consolidated Drained Conditions (AASHTO T236 -
Standard Method of Test for Direct Shear Test of Soils Under Consolidated Drained
Conditions).

0 ! i : =
n3 Gn

Figure 5-13, Direct Shear Test Results
(Sabatini et al. (2002))

54.6.4.2 Torsional Ring Shear Test

According to Terzaghi, Peck and Mesri (1996), triaxial and direct simple shear testing “...lack
the ability to investigate the shearing resistance of soils at very large strains or
displacements;...”. Therefore, to account for the application of very large strains the torsional
ring shear test device was developed by a joint effort of the Norwegian Geotechnical Institute
and Imperial College (Terzaghi, Peck and Mesri (1996)). This test method should not be used
on Sand-Like (see Chapter 7 for an explanation of Sand-Like). Torsional shear testing should
be used on Clay-Like (see Chapter 7 for an explanation of Clay-Like). There are 2 testing
methods, ASTM D6467 — Standard Test Method for Torsional Ring Shear Test to Determine
Drained Residual Shear Strength of Cohesive Soils and ASTM D7608 — Standard Test Method
for Torsional Ring Shear Test to Determine Drained Fully Softened Shear Strength and
Nonlinear Strength Envelope of Cohesive Soils (Using Normally Consolidated Specimen) for
Slopes with No Preexisting Shear Surface. The GEOR shall determine which test method is to
be used based on the project requirements.
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5.4.6.5 Miniature Vane Shear (Torvane) and Pocket Penetrometer

The miniature vane shear and the pocket penetrometer tests are performed to obtain undrained
shear strength ((Sy)w or (Su)pp, respectively) for plastic cohesive soils. Both of these tests
consist of hand-held devices that are pushed into the sample and either a torque resistance
(Torvane) or a tip resistance (pocket penetrometer) is measured. They can be performed in the
lab or in the field. See ASTM D4648 - Standard Test Method for Laboratory Miniature Vane
Shear Test for Saturated Fine-Grained Clayey Soil for the miniature vane shear test only.

547 Consolidation Test

The amount of settlement (S; or A,) induced by the placement of load bearing elements (i.e.,
ERSs or bridges) on the ground surface or the construction of earthen embankments will affect
the performance of the structure. The amount of settlement is a function of the increase in pore
water pressure caused by the loading and the reduction of this pressure over time. The
reduction in pore pressure and the rate of the reduction are a function of the permeability of the
in-situ soil. All soils undergo elastic compression (S;), primary consolidation (S;) and secondary
compression (Sg). Sand-Like soils tend to be relatively permeable and will therefore, undergo
settlement much faster. The amount of elastic compression settlement can vary depending on
the soil type; however, the time for this settlement to occur is relatively quick and will normally
occur during construction.

Clay-Like soils tend have a much lower permeability and will, therefore, take longer to settle.
Clay-Like soils undergo elastic compression during the initial stages of loading (i.e., the soll
particles rearrange due to the loading). After elastic compression of Clay-Like soils is complete,
primary consolidation begins. Saturated Clay-Like soils have a lower coefficient of permeability,
thus the excess pore water pressure generated by loading will gradually dissipate over a longer
period of time. Therefore in saturated clays, the amount and rate of settlement is of great
importance in construction. For example, an embankment may settle until a gap exists between
an approach and a bridge abutment. The calculation of settlement involves many factors,
including the magnitude of the load, the effect of the load at the depth at which compressible
soils exist, the water table, and characteristics of the soil itself. Consolidation testing is
performed to ascertain the nature of these characteristics. The most commonly used test
procedure is the incremental load method of 1-dimensional consolidation testing. See ASTM
D2435 - Standard Test Methods for One-Dimensional Consolidation Properties of Soils Using
Incremental Loading (AASHTO T216 - Standard Method of Test for One-Dimensional
Consolidation Properties of Soils). In addition, the moisture-plasticity (Atterberg Limits),
moisture content, grain-size analysis with wash #200 sieve and specific gravity shall be
performed on all samples tested using this test method. ASTM D4186 — Standard Test Method
for One-Dimensional Consolidation Properties of Saturated Cohesive Soils Using Controlled
Strain Loading shall not be allowed.

The consolidation test unit consists of a consolidometer (or alternatively, an oedometer) and a
loading device. The soil sample is placed between 2 porous stones, which permit drainage (i.e.,
double drainage). Load is applied incrementally and is typically held up to 24 hours. The
loading increments shall be determined by the GEOR. The GEOR shall review the results of
each load increment (i.e., e versus log time plots (see Figure 5-14), alternatively € versus log
time plots may be used) to determine if the load has been held a sufficient length of time to

determine the secondary compression (c,) index. The next load increment shall only be applied
as approved by the GEOR. The secondary compression index shall be determined as indicated
in the following paragraphs. The test measures the change in height (strain) of the specimen
after each loading is applied. In addition, the GEOR shall determine if an unload/reload cycle is
to be included and at which load increment the cycle shall begin and end. Typically the
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unload/reload cycle should begin when the loading exceeds the preconsolidation pressure (c’p)
by at least 1 loading increment. A first-order estimate of the o’y shall be made using the
correlations provided in Chapter 7. Further, the consolidation testing shall extend to loads of 8
times the first-order estimate of ¢’,. After the maximum loading has been reached, the loading
is removed in appropriate decrements. Contact the PC/GDS for guidance if the anticipated
range of loading exceeds the load limits of the testing apparatus. It is noted that a consolidation
test with unload/reload cycle should require between 14 and 16 loading increments to form a
complete test. The 1-dimensional consolidation test is used to determine the parameters for use
in 1-dimensional consolidation theory. These parameters are indicated in Table 5-2.

Table 5-2, Consolidation Parameters and Symbols

Symbol Parameter
C.or Cg Compression Index
C,or Cg Recompression Index
Cqor Cgy Secondary Compression Index
G, Or p'c Effective Preconsolidation Stress
Cy Coefficient of Consolidation
m, Coefficient of Vertical Compression

The results of each load increment are plotted on a deformation (void ratio) versus log time plot
(see Figure 5-14). Alternatively, the strain versus log time plot may be used. From this curve, 2
parameters can be derived: coefficient of consolidation (c,) and secondary compression (C,)
index. These parameters are used to predict the rate of primary settlement and the amount of
secondary consolidation. Further this curve is used to determine when primary consolidation is
complete for each load increment.

Stress Range
40 - 80 kPa
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tp = time to 100 percent consolidation (i.e., end of primary consolidation)
Figure 5-14, Void Ratio versus log Time
(Sabatini et al. (2002))

The coefficient of consolidation (c,) shall be determined using both Casagrande’s logarithm of
time and Taylor’'s square root of time method. Casagrande’s method uses the time to 50
percent of primary consolidation and Taylor's method use the time to 90 percent of primary
consolidation and determines c, using:
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0.197+H3p ,
p=——————— Equation 5-9
50
0.848+H% :
v = ———DbR Equation 5-10
tgo

Where,
Hpr — Height of the drainage path (assumed to be ¥ of specimen thickness at each load
increment to account for double drainage), inches
tso — Time required to achieve 50 percent primary consolidation, seconds
tog — Time required to achieve 90 percent primary consolidation, seconds

It is noted that both Casagrande’s and Taylor's methods are included in the ASTM and shall be
used to determine c, for each load increment. Both sets of ¢, shall be plotted and provided to
the GEOR. The c,, typically is higher for load increments under ¢’, and lower when the load
increments are over the ¢’

After the time-deformation plots are obtained, the void ratio and the strain can be calculated.
Two more plots can be presented; an e-log p curve, which plots void ratio (e) as a function of
the log of pressure (p), or an ¢-log p curve where ¢ equals percent strain. The parameters
necessary for settlement calculation can be derived from the corrected e-log p curve and are:
compression index (C;), recompression index (C,), preconsolidation pressure (c’p), and initial
void ratio (e,). Alternatively, the corrected e-log p curve provides the compression index (Cy.),
the recompression index (Cg), and the preconsolidation pressure (c’p). The 1-dimensional
consolidation test is sensitive to sample disturbance; therefore, the results of the test must be
corrected, by the GEOR, using the procedures provided in Chapter 7.

Casagrande (1936) developed a graphical procedure for determining the preconsolidation
stress. The Casagrande procedure for determining preconsolidation stress is outlined in Table
5-3. While the Casagrande procedure was applicable to both e-log p and e-log p curves,
SCDOT prefers the use of the e-log p curve for data presentation. The effective
preconsolidation stress (c’,) is extremely important because it is used to determine if a soil is
normally consolidated (NC) or overconsolidated (OC). In normally consolidated soils, the
effective preconsolidation stress is equal to the existing effective overburden stress (i.e., 'y, =
c'p) (see Figure 5-15). Normally consolidated soils tend to have large settlements.
Overconsolidated soils have an effective preconsolidation stress greater than the existing
effective overburden stress (i.e., o'y, < 6’;) (see Figure 5-16). Overconsolidated soils do not
tend to have large settlements. In some locations within South Carolina, under consolidated
soils (i.e., o'y, > 0'p) (see Figure 5-17) are known to exist. These soils are still consolidating
under the weight of the soil and should be anticipated to have very large amounts of settlement.

Table 5-3, Determination of Preconsolidation Stress
(Duncan and Buchignani (1976))

Step Description

1 Locate the point of sharpest curvature on the e-log p or e-log p curve

From this point (a) (see Figures 5-18 or 5-19), draw a horizontal line (b) and a tangent
(b) to the curve

Bisect the angle formed by these 2 lines (c)

Extend the virgin curve (d) backward to intersect the bisector (c)

a | DN

The point where these lines (d and c) cross determines the preconsolidation pressure
(o or p'c)
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Figure 5-15, Normally Consolidated
(Duncan and Buchignani (1976))
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(Duncan and Buchignani (1976))
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Figure 5-17, Under Consolidated
(Duncan and Buchignani (1976))
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Figure 5-18, Determination of Preconsolidation Stress from e-log p

(Duncan and Buchignani (1976))
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Figure 5-19, Determination of Preconsolidation Stress from g-log p

(Duncan and Buchignani (1976))
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In addition to using the Casagrande reconstruction method to determine c’y, the Strain-Energy
method (Becker, Crooks, Been and Jefferies (1987)) shall also be used. The Strain-Energy
method involves plotting the cumulative strain energy (i.e., the product of stress times strain) for
each load increment in a laboratory consolidation test. The point where the strain energy plot
exhibits a large incremental increase represents the preconsolidation stress, ¢’,, for the soil.
The first step in determining ¢, using the Strain-Energy method is determining the change in
work (energy) per unit volume using the following equation:

ol;+aor 1—¢;
AW = ( - f) * (ln 8‘) Equation 5-11
2 1—£f

Where,
AW = Change in work (energy) per unit volume (units of stress (tsf (kJ/m* or kPa)))
o', = Stress at beginning of strain increment (units of stress (tsf))
o't = Stress at end of strain increment (units of stress (tsf))
g = Strain at beginning of increment (dimensionless)
& = Strain at end of increment (dimensionless)

The second step is to plot the stress versus the summation of work for each stress increment
(see Figure 5-20). It is assumed that the stress value corresponding to the summation of work
is the stress at the end of the strain increment. A noticeable change in slope should be evident
when the data are plotted. A curve connecting the data should have a sharp transition from a
flatter slope in the recompression range (slope 1) to a steeper slope (slope 2) in the virgin
compression range. Construct a trend line through the data that represent a line with slope 1.
Construct a second trend line through the data that represent a line with slope 2. The stress
where these 2 trend lines intersect is the preconsolidation stress, ¢’,.
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Figure 5-20, Change in Work vs. Vertical Effective Stress
(Sabatini et al. (2002))
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The preconsolidation stress, o', determined from both the Casagrande reconstruction method
and from the Strain-Energy method shall be provided. In addition, all results provided shall be
indicated as being uncorrected.

The secondary compression (C, or Cg,) index shall be determined for each loading increment
and shall be reported graphically similarly to the coefficient of consolidation (c,) versus the log of
pressure. Secondary compression settlement begins at the completion of primary consolidation
and in certain soils including highly organic soils secondary compression settlement can exceed
the amount of settlement caused by consolidation. The secondary compression index is
determined from the void ratio (C,) (strain (C.)) versus log time graph (see Figure 5-14) and is
determined using the following equations:

C, = ez_le Equation 5-12
tog 22

Ceu % Equation 5-13
tos 22

Where:
e, = Void ratio at time 2
e; = Void ratio at time 1
g, = Strain at time 2
€, = Strain at time 1
t; and t, = Time that occurs after the time to end primary consolidation, seconds

For highly organic materials (organic content greater than 50%), research sponsored by the
Florida Department of Transportation has shown that the end of primary consolidation occurs
quickly in the laboratory and field, and that a major portion of the total settlement is due to
secondary compression (creep). As a result, differentiating between primary consolidation and
secondary compression settlement can be very difficult and generate misleading results. To
analyze results from 1-dimensional consolidation tests for these types of materials, use the
Square Root (Taylor) Method to identify the end of primary consolidation for each load
sequence. In addition, each load sequence must be maintained for at least 24 hours to identify
a slope for the secondary consolidation portion of the settlement versus time plot.

5.4.8 Organic Content

Organic soils demonstrate very poor engineering characteristics, most notably low strength and
high compressibility. In the field these soils can usually be identified by their dark color, musty
odor and low unit weight. The most used laboratory test for quantification purposes is the
Ignition Loss test, which measures how much of a sample’s mass burns off when placed in a
muffle furnace. The results are presented as a percentage of the total sample mass. Tests
shall be performed in accordance with ASTM D2974 - Standard Test Methods for Moisture, Ash,
and Organic Matter of Peat and Other Organic Soils (AASHTO T267 - Standard Method of Test
for Determination of Organic Content in Soils by Loss on Ignition).
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549 Shrinkage and Swell

Certain soil types (highly plastic) have a large potential for volumetric change depending on the
moisture content of the soil. These soils can shrink with decreasing moisture or swell with
increasing moisture. Shrinkage can cause soil to pull away from structure thus reducing the
bearing area or causing settlement of the structure beyond that predicted by settlement
analysis. Swelling of the soil can cause an extra load to be applied to the structure that was not
accounted for in design. Therefore, the potential for shrinkage and swelling should be
determined for soils that have high plasticity.

549.1 Shrinkage

These tests are performed to determine the limits of a soil's tendency to lose volume during
decreases in moisture content. The shrinkage limit (SL) is presented as a percentage in
moisture content, at which the volume of the soil mass ceases to change. See ASTM D4943 —
Standard Test Method for Shrinkage Factors of Soils by the Wax Method (AASHTO T92 -
Standard Method of Test for Determining the Shrinkage Factors of Soils).

549.2 Swell

There are certain types of soils that can swell, particularly clay in the montmorillonite family.
Swelling occurs when the moisture is allowed to increase causing the clay soil to increase in
volume. There are a number of reasons for this to occur: the elastic rebound of the soil grains,
the attraction of the clay mineral for water, the electrical repulsion of the clay particles and their
adsorbed cations from one another, or the expansion of the air trapped in the soil voids. In the
montmorillonite family, adsorption and repulsion predominate and this can cause swelling.
Testing for swelling is difficult, but can be done. It is recommended that these soils not be used
for roadway construction. The swell potential can be estimated from the test methods shown in
AASHTO T258 - Standard Method of Test for Determining Expansive Sails.

5.4.10 Permeability

Permeability, also known as hydraulic conductivity, has the same units as velocity and is
generally expressed in ft/min or m/sec. The coefficient of permeability is dependent on void
ratio, grain-size distribution, pore-size distribution, roughness of mineral particles, fluid viscosity,
and degree of saturation. There are 3 standard laboratory test procedures for determining the
coefficient of soil permeability, constant and falling head tests, and flexible wall test.

5.4.10.1 Constant Head Test

In the constant head test, water is poured into a sample of soil, and the difference of head
between the inlet and outlet remains constant during the testing. After the flow of water
becomes constant, water that is collected in a flask is measured in quantity over a time period.
This test is more suitable for coarse-grained soils that have a higher coefficient of permeability.
See AASHTO T215 - Standard Method of Test for Permeability of Granular Soils (Constant
Head).

5.4.10.2 Falling Head Test

The falling head test uses a similar procedure to the constant head test, but the head is not kept
constant. The permeability is measured by the decrease in head over a specified time. This
test is more appropriate for fine-grained soils. Tests shall be performed in accordance with
ASTM D5856 - Standard Test Method for Measurement of Hydraulic Conductivity of Porous
Material Using a Rigid-Wall, Compaction-Mold Permeameter.
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5.4.10.3 Flexible Wall Permeability

For fine-grained soils, tests performed using a triaxial cell are generally preferred. In-situ
conditions can be modeled by application of an appropriate confining pressure. The sample can
be saturated using back pressuring techniques. Water is then allowed to flow through the
sample and measurements are taken until steady-state conditions occur. Tests shall be
performed in accordance with ASTM D5084 - Standard Test Methods for Measurement of
Hydraulic Conductivity of Saturated Porous Materials Using a Flexible Wall Permeameter.

5411 Compaction Tests

There are 2 types of tests that can be used to determine the optimum moisture content and
maximum dry density of a soil (also termed the moisture-density relationship); the standard
Proctor and the modified Proctor. The results of the tests are used to determine appropriate
methods of field compaction and to provide a standard by which to judge the acceptability of
field compaction.

The results of the compaction tests are typically plotted as dry density versus moisture content.
Moisture content has a great influence on the degree of compaction achieved by a given type of
soil. In addition to moisture content, there are other important factors that affect compaction.
The soil type has a great influence because of its various classifications, such as grain-size
distribution, shape of the soil grains, specific gravity of soil solids, and amount and type of clay
mineral present. The compaction energy also has an effect because it too has various
conditions, such as number of blows, number of layers, weight of hammer, and height of the
drop.

5.4.11.1 Standard Proctor

This test method uses a 5-1/2-pound rammer dropped from a height of 12 inches. The sample
is compacted in 3 layers. See ASTM D698 - Standard Test Methods for Laboratory Compaction
Characteristics of Soil Using Standard Effort (12,400 ft-Ibf/ft> (600 kN-m/m?)) (AASHTO T99 -
Standard Method of Test for Moisture-Density Relations of Soils Using a 2.5-kg (5.5-Ib) Rammer
and a 305-mm (12-in.) Drop).

5.4.11.2 Modified Proctor

This test method uses a 10-pound rammer dropped from a height of 18 inches. The sample is
compacted in 5 layers. See ASTM D1557 - Standard Test Methods for Laboratory Compaction
Characteristics of Soil Using Modified Effort (56,000 ft-Ibf/ft3(2,700 kN-m/m?)) (AASHTO T180 -
Standard Method of Test for Moisture-Density Relations of Soils Using a 4.54-kg (10-Ib)
Rammer and a 457-mm (18-in.) Drop).

5.4.12 Relative Density Tests

The relative density tests are most commonly used for granular or unstructured soils. It is used
to indicate the in-situ denseness or looseness of the granular soil. In comparison, Proctor tests
often do not produce a well-defined moisture-density curve for cohesionless, free-draining soils.
Therefore relative density is expressed in terms of maximum and minimum possible dry unit
weights and can be used to measure compaction in the field.
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5.4.12.1 Maximum Index Density

In this test, soil is placed in a mold of known volume with a 2-psi surcharge load applied to it.
The mold is then vertically vibrated at a specified frequency for a specified time. At the end of
the vibrating period, the maximum index density can be calculated using the weight of the sand
and the volume of the sand. See ASTM D4253 - Standard Test Methods for Maximum Index
Density and Unit Weight of Soils Using a Vibratory Table.

5.4.12.2 Minimum Index Density

The test procedure requires sand being loosely poured into a mold at a designated height. The
minimum index density can be calculated using the weight of the sand required to fill the mold
and the volume of the mold. See ASTM D4254 - Standard Test Methods for Minimum Index
Density and Unit Weight of Soils and Calculation of Relative Density.

5.4.13 Electro-Chemical Tests

Electro-chemical tests provide quantitative information related to the aggressiveness of the
subsurface environment, the surface water environment, and the potential for deterioration of
foundation materials. Electro-chemical testing includes pH, resistivity, sulfate, and chloride
contents. The electro-chemical tests shall be performed on soil samples. In addition, surface
water shall also be tested in coastal regions where the potential intrusion of brackish (higher
salinity) water may occur in tidal streams. All water (surface or subsurface) samples shall be
obtained in accordance with sampling and chain-of-custody procedures prepared by the South
Carolina Department of Health and Environmental Control (SCDHEC). In lieu of using ASTM or
AASHTO testing procedures, testing procedures established by the US Environmental
Protection Agency (EPA) may be used, provided the laboratory conducting the tests is certified
to perform the test by either the EPA or SCDHEC. If EPA testing standards are used, the GEC
shall be required to indicate which EPA standard was used and to provide proof that the
laboratory performing the test is certified by either the EPA or SCDHEC.

5.4.13.1 pH Testing

pH testing is used to determine the acidity or alkalinity of the subsurface or surface water
environments. Acidic or alkaline environments have the potential for being aggressive on
structures placed within these environments. Soil samples collected during the normal course
of a subsurface exploration should be used for pH testing. The pH of soils shall be determined
ASTM G51 — Standard Test Method for Measuring pH of Soil for Use in Corrosion Testing
(AASHTO T289 - Standard Method of Test for Determining pH of Soil for Use in Corrosion
Testing). The surface water samples shall have the pH determined using ASTM D1293 —
Standard Test Methods for pH of Water.

5.4.13.2 Resistivity Testing

Resistivity testing is used to determine the electric conduction potential of the subsurface
environment. The ability of soil to conduct electricity can have a significant impact on the
corrosion of steel components. If a soil has a high potential for conducting electricity, then
sacrificial anodes may be required on the structure or the metal will need to be galvanized.
This type of testing can be performed in the laboratory or in the field. For the field testing
procedure see Section 5.3.10.6. Field resistivity measurements shall be determined using
ASTM G57 — Standard Test Method for Field Measurement of Soil Resistivity Using the Wenner
Four-Electrode Method. Laboratory resistivity shall be determined using either ASTM G57
(laboratory procedure) or AASHTO T288 — Standard Method of Test for Determining Minimum
Laboratory Soil Resistivity. It is noted that AASHTO T288 will produce 2 resistivities, the first at
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100 percent saturation and the second when the soil is in a slurry condition. The resistivity of
surface water samples can be determined using ASTM D1125 — Standard Test Methods for
Electrical Conductivity and Resistivity of Water.

5.4.13.3 Chloride Testing

Subsurface soils and surface water should be tested for chloride if the presence of sea or
brackish water is suspected or if a source of groundwater contamination is known. Chloride
testing for soils shall be determined using AASHTO T291 — Standard Method of Test for
Determining Water-Soluble Chloride lon Content in Soil. The chloride testing for the surface
water shall be performed in accordance with ASTM D512 — Standard Test Methods for Chloride
lon in Water.

5.4.13.4 Sulfate Testing

Subsurface soils and surface water should be tested for sulfate, especially if a source of
groundwater contamination is known to exist in the general vicinity of the project. Sulfate testing
for soils shall be determined using ASTM C1580 — Standard Test Method for Water-Soluble
Sulfate in Soil (AASHTO T290 — Standard Method of Test for Determining Water-Soluble
Sulfate lon Content in Soil). The sulfate testing for the surface water shall be performed in
accordance with ASTM D516 — Standard Test Method for Sulfate lon in Water.

5414 Rock Cores

Rock coring, as indicated in Chapter 6, should begin when drilling refusal is encountered. At
each core run, the length of the rock sample obtained and the distance the core run is drilled will
give a recovery ratio. The recovery ratio is expressed in percentage with 100% being intact
rock and 50% or below as highly fractured rock. Further, the time required to drill specific rock
core shall also be recorded and reported as required in Chapter 6. Another way to evaluate
rock is rock quality designation (RQD) which is also expressed in percentage (See ASTM
D6032 - Standard Test Method for Determining Rock Quality Designation (RQD) of Rock Core).
The time rate and RQD allow the engineer to determine which core samples can/should be
tested for compressive strength. In addition, all rock cores shall be N-size and shall have an
approximate 2-inch diameter.

5.4.14.1 Unconfined Compression Strength Test

This test is performed on intact rock core specimens, usually with a rock sample length of at
least 2 times the diameter. All core samples shall be prepared for testing using ASTM D4543 —
Standard Practices for Preparing Rock Core as Cylindrical Test Specimens and Verifying
Conformance to Dimensional Shape and Tolerances. Provide the information contained in the
report section of the ASTM. The specimen is tested using unconfined compression or uniaxial
compression. The test provides data used in determining the strength of the rock, namely the
uniaxial strength (qy), shear strengths at varying pressures and varying temperatures, angle of
internal friction, (angle of shearing resistance), and cohesion intercept. Unconfined
compression strength testing shall be performed in accordance with ASTM D7012 - Standard
Test Methods for Compressive Strength and Elastic Moduli of Intact Rock Core Specimens
under Varying States of Stress and Temperatures. ASTM D7012 Methods C or D (unconfined
compression) shall be used; however, Methods A or B (triaxial compression) may be used if
required on a project.
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5.5 QUALITY ASSURANCE/QUALITY CONTROL

The Quality Assurance/Quality Control (QA/QC) of the field and laboratory testing
procedures/methods can have a significant impact on the results obtained from the testing.
Therefore, all field and laboratory testing will require a QA/QC plan to be developed, maintained
and implemented. The QA/QC plan shall follow the appropriate national, state or approved
industrial standards.

55.1 Field Testing OA/QC Plan

All field testing shall be performed in accordance with an accepted QA/QC plan. The plan shall
at a minimum establish the calibration schedule for the equipment, the method of calibration and
provide circumstances when calibration is required differently from the regularly scheduled
calibration. The QA/QC plan shall be submitted to and accepted by the PC/GDS, if requested,
and shall comply with the general requirements of ASTM D3740 — Standard Practice for
Minimum Requirements for Agencies Engaged in Testing and/or Inspection of Soil and Rock as
Used in Engineering Design and Construction.

55.2 Laboratory Testing QOA/OC Plan

All laboratories conducting geotechnical testing shall be AASHTO re:source (formerly AMRL)
certified. The laboratories shall only conduct those tests for which that specific laboratory is
certified. If the laboratory is not certified to conduct the test, the laboratory may contract to
another laboratory that is certified. If no laboratory is certified, then a QA/QC plan for that
particular test shall be developed and submitted to the PC/GDS for review and approval prior to
testing. The QA/QC plan shall indicate which test method is being followed, the most recent
calibration of the laboratory equipment to be used and the qualifications of the personnel
performing the test. For tests where there is not an established ASTM, AASHTO or State
testing standard, then the laboratory may use a testing method established by another Federal
or State agency. The use of other agency standards shall be approved in writing by the
PC/GDS prior to conducting the test. The laboratory requesting the use of another agency
standard shall prove proficiency in the standard as well as submitting a QA/QC plan for the test
method.
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CHAPTER 6

MATERIAL DESCRIPTION, CLASSIFICATION,
AND LOGGING

6.1 INTRODUCTION

Geomaterials (soil and rock) are naturally occurring materials used in highway construction by
SCDOT. Understanding soil and rock behavior is critical to the design and construction of any
project. Soil and rock classification is an essential element of understanding the behavior of
geomaterials. Field explorations in South Carolina encounter 3 types of geomaterials (i.e., soll,
IGM and rock).

Soil and rock are either unconsolidated or consolidated solid particles, respectively, while IGM is
a material with both soil and rock characteristics and properties. Soil is the result of the
weathering of rock and may be transported to another location or may be left in-place.
Consolidated soils typically have some degree of cementation while unconsolidated soils
typically have no cementation. Rock is normally a durable, hard naturally occurring material.
IGM is used only in the design of drilled shafts (see Chapter 16 for discussion on how IGM is
applied to design). O’Neill, Townsend, Hassan, Buller and Chan (1996) defined IGM more
specifically as:

o argillaceous geomaterials — heavily overconsolidated clays, clay shales, and
saprolites that are prone to smearing when drilled

e calcareous rocks — limestone and limerock and argillaceous materials that are not
prone to smearing when drilled

e very dense granular geomaterials — residual and completely decomposed rock with
an SPT N-value between 50 and 100 blows per foot

The first 2 IGM types indicated above are considered Cohesive IGM, while the 3™ is considered
Cohesionless IGM. The argillaceous IGMs composed of transported materials containing
between 12 and 40 percent clay fraction (CF) while the saprolites are the result of in-situ
chemical weathering of the parent rock material that contains between 12 and 40 percent CF. If
design dictates that the type of IGM needs to be determined, then the percent CF shall be
determined using ASTM D7928 (hydrometer analysis). The unconfined compressive strength,
du, ranges from 5 tons per square foot (tsf) to 50 tsf; therefore, for a soil to be considered
Cohesive IGM, both conditions (i.e., the CF and q,) must be met for the argillaceous
geomaterials. For calcareous rocks only g, must be met (i.e., q, ranges from 5 to 50 tsf) for the
geomaterials to be considered cohesive IGM. The q, shall be determined by laboratory shear
strength testing on undisturbed samples. The use of field methods to determine shear strength
shall be allowed only when approved in writing by the PC/GDS prior to the field testing. The
Cohesionless IGM is treated as very dense sand in the design of drilled shafts (see Chapter 16).

As required in Chapter 4 and indicated in Chapter 5 soils are typically drilled using either hollow
stem augers (HSA) or rotary wash (RW) methods (see Chapter 5 for drilling method to be used
where). The problem in the field is when rock coring is required as opposed to drilling methods.
Coring shall begin at drilling refusal. An SPT shall be performed at drilling refusal. Drilling
refusal is defined as the inability to advance the auger in areas where HSA are allowed. In
borings using RW methods, drilling refusal is defined as the inability to advance a roller cone
(tricone) bit.
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As indicated in Chapter 5, there are numerous field and laboratory testing procedures used by
SCDOT to explore project sites. Included in this Chapter is a discussion of the presentation of
only some of these methods, specifically soil test borings (including SPT and rock coring
results), CPT and DMT test results. Also indicated in this Chapter is the manner in which to
present the results of shear wave velocity testing. For convenience, the classification of soil will
be discussed first for the soil borings, CPT and DMT with the classification of rock following. In
addition, figures indicating the presentation of the field data are included.

Details of the subsurface conditions encountered, including basic material descriptions and
details of the drilling and sampling methods shall be recorded. See ASTM D5434 - Standard
Guide for Field Logging of Subsurface Explorations of Soil and Rock. During field exploration,
specifically soil borings, a field log shall be kept of the materials encountered. In addition, the
field log shall also include driller notes concerning the advancement of the test method (i.e.,
were hard layers encountered between SPT samples, etc.). The field personnel keeping the
field logs shall have a minimum of 2 years of soil classification experience using ASTM D2488 —
Standard Practice for Description and ldentification of Soils (Visual-Manual Procedure). The
exception to this is for rock coring. All rock coring shall be observed and all rock cores shall be
logged by either a registered engineer or registered geologist with a minimum of 4 years of rock
coring observation and logging experience. Daily, copies of driller field logs shall be scanned
and forwarded to the GEOR for review. The GEOR, at his/her discretion, may make changes to
the field operations based on observations from the field logs.

Upon delivery of the samples to the laboratory, a registered engineer or registered geologist
shall verify and modify as necessary the material descriptions and classifications based on the
results of a more detailed visual-manual inspection of samples. Draft logs shall only be
submitted to the PC/GDS after verification of the classifications in the laboratory. The PC/GDS
shall use the draft logs to assign laboratory testing as required for those projects conducted by
the PC/GDS. Classifications shall be further modified based on the results of the laboratory
testing and final logs shall be prepared based on the revised classifications.

Material descriptions, classifications, and other information obtained during the subsurface
explorations are heavily relied upon throughout the remainder of the investigation program and
during the design and construction phases of a project. It is therefore necessary that the
method of reporting this data be standardized. Records of subsurface explorations should
follow as closely as possible the standardized format presented in this Chapter.

This Chapter is divided into 2 primary sections, the first is associated with the description and
classification of soil and the second section will discuss the description and classification of
rock. The soil description and classification section will discuss the 2 soil classification systems
used by SCDOT (i.e., the USCS and AASHTO).

6.2 SOIL DESCRIPTION AND CLASSIFICIATION

6.2.1 Soil Test Borings

A detailed description for each material stratum encountered should be included on the Soil
Test Log (see Figures 6-14, 6-19 and 6-20) and on the Manual Auger Log (see Figures 6-18
and 6-21). The extent of detail will be somewhat dependent upon the material itself and on the
purpose of the project. However, the descriptions should be sufficiently detailed to provide the
GEOR with an understanding of the material present at the site. The descriptions should be
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sufficiently detailed to permit grouping of similar materials and aid in the selection of
representative samples for testing.

Soils should be described with regard to soil type, color, relative density/consistency, etc. The
description shall match the requirements of the Unified Soil Classification System (USCS) and
the AASHTO solil classification system. A detailed soil description shall include the following
items and shall match the descriptive terms discussed in the following sections, in order:

Relative Density/Consistency

Moisture Condition

Soil Color

Particle Angularity and Shape (for coarse-grained soils)
Hydrochloric (HCI) Reaction

Cementation

Gradation

a. Coarse-Grained Soils

b. Fine-Grained Soils

8. Unified Soil Classification System (USCS)

9. AASHTO Soail Classification System (AASHTO)
10. Other pertinent information

Nouo,rwbhE

6.2.1.1 Relative Density/Consistency

Relative density refers to the degree of compactness of a coarse-grained soil. Consistency
refers to the stiffness of a fine-grained soil. When evaluating subsurface soil conditions using
correlations based on SPT N-values, the N-values shall be corrected (see Chapter 7 for
correction). However, only actual field recorded (uncorrected) SPT N-values (Nmeas) Shall be
included on the Soil Test Boring Log and shall be used to determine the relative density and/or
consistency.

Standard Penetration Test N-values (blows per foot) are usually used to define the relative
density and consistency as follows:

Table 6-1, SPT Relative Density / Consistency Terms

Relative Density™? Consistency™®
Unconfined
Descriptive Relative SF&T Blow Descriptive | Compression SPT Blow
Term Density oun;[ Term Strength (qy) Coun;[
(bpf) (tsf) (bpf)
Very Loose 0 to 15% <4 Very Soft <0.25 <2
Loose 16 to 35% 510 10 Soft 0.26 to 0.50 3to4
Medium Dense | 36 to 65% 11 to 30 Firm 0.51t0 1.00 5to 8
Dense 66 to 85% 31 to 50 Stiff 1.01t0 2.00 9to 15
Very Dense 86 to 100% 251 Very Stiff 2.01 to 4.00 16 to 30
Hard >4.01 >31
'For Classification only, not for design
*Applies to coarse-grained soils (major portion retained on No. 200 sieve)
*Applies to fine-grained soils (major portion passing No. 200 sieve)
“bpf — blows per foot of penetration at 60 percent ER (see Chapter 7 for ER determination)
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6.2.1.2 Moisture Condition

The in-situ moisture condition shall be determined using the visual-manual procedure. The term
“saturated” shall not be used, unless the degree of saturation is actually determined. The
moisture condition is defined using the following terms:

Table 6-2, Moisture Condition Terms

Descriptive Criteria
Term
Dry Absence of moisture, dusty, dry to the touch
Moist Damp but no visible water
Wet Visible free water, usually in coarse-grained soils below the water table

6.2.1.3 Soil Color

The color of the soil shall be determined using the Munsell color chart and shall be described
while the soil is still at or near the in-situ moisture condition. The Munsell color designation shall
be provided at the end of the soils description.

6.2.1.4 Particle Angularity and Shape
Coarse-grained soils are described as angular, subangular, subrounded, or rounded. Gravel
and cobbles can be described as flat, elongated, or flat and elongated. Descriptions of fine-

grained soils will not include a particle angularity or shape.

Table 6-3, Particle Angularity and Shape

Descriptive Criteria
Term
Angular Particles have sharp edges and relatively plane sides with unpolished surfaces
Subangular Particles are similar to angular description but have rounded edges
Subrounded Particles have nearly plane sides but have well-rounded corners and edges
Rounded Particles have smoothly curved sides and no edges
Flat Particles with a width to thickness ratio greater than 3
Elongated Particles with a length to width ratio greater than 3
Flat and Particles meeting the criteria for both Flat and Elongated
Elongated

6.2.1.5 HCI Reaction

The terms presented below describe the reaction of soil with HCI (hydrochloric acid). Since
calcium carbonate is a common cementing agent, a report of its presence on the basis of the
reaction with dilute hydrochloric acid is important.

Table 6-4, HCI Reaction

Descriptive Term Criteria
None No visible reaction
Weakly Some reaction, with bubbles forming slowly
Strongly Violent reaction, with bubbles forming immediately
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6.2.1.6 Cementation

The terms presented below describe the cementation of intact coarse-grained soils.

Table 6-5, Cementation

Descriptive Term Criteria

Weakly Cemented Crumbles or breaks with handling or little finger pressure
Moderately Cemented Crumbles or breaks with considerable finger pressure

Strongly Cemented Will not crumble or break with finger pressure

6.2.1.7 Gradation

The classification of soil is divided into 2 general categories based on gradation, coarse-grained
and fine-grained soils. Coarse-grained soils (gravels and sands) have more than or equal to 50
percent (by weight) of the material retained on the No. 200 sieve, while fine-grained soils (silts
and clays) have more than 50 percent of the material passing the No. 200 sieve. Gravels and
sands are typically described in relation to the particle size of the grains. Silts and clays are
typically described in relation to plasticity. The primary constituents are identified considering
grain-size distribution. In addition to the primary constituent, other constituents which may
affect the engineering properties of the soil should be identified. Secondary constituents are
generally indicated as modifiers to the principal constituent (e.g., sandy clay or silty gravel, etc.).
Other constituents can be included in the description using the terminology of ASTM D2488
through the use of terms such as trace (<5%), few (5-10%), little (15-25%), some (30-45%), and
mostly (50-100%).

6.2.1.7.1 Coarse-Grained Soils

Coarse-grained soils are those soils with more than or equal to 50 percent by weight retained on
or above the No. 200 sieve. Coarse-grained soils divided into 2 categories, well- and poorly-
graded with the difference between well- and poorly-graded depending upon the Coefficient of
Curvature (C.) and the Coefficient of Uniformity (C,). Coarse-grained soils with a C; between 1
and 3 (1 < C.<3) and a C, greater than or equal to 4 (C, > 4) are considered to be well-graded.
C. and C, are determined using the following equations.

(D30)? .
Ce =050 Equation 6-1
€ [(D10)(Deo)] quation
(Deo) .
Cy = (D:) Equation 6-2

Where,
D,o = Diameter of particle at 10% finer material, millimeters (mm)
D3 = Diameter of particle at 30% finer material, mm
Dso = Diameter of particle at 50% finer material, mm
Dso = Diameter of particle at 60% finer material, mm
Dgs = Diameter of particle at 85% finer material, mm
% Fines = Percent passing the No. 200 Sieve

The Ds is the mean grain size and is used in scour analysis and is provided to the HEOR. The
D, is also termed the effective size of the soil. The Dgs is used in the design of geosynthetic
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filtration requirements. The percent pass the No. 200 sieve is termed the fines content. The
D10, D30, Dso, Dgo, Dgs and percent fines shall be graphically determined.

The particle size for gravels and sands are provided in Table 6-6 and the adjectives used for
describing the possible combinations of particle size are provided in Table 6-7.

Table 6-6, Coarse-Grained Soil Constituents

Soil Component Grain-size
Gravel
Coarse 3" to %"
Fine %" to No. 4 sieve
Sand
Coarse () No. 4 to No. 10 sieve
Medium (m) No. 10 to No. 40 sieve
Fine (f) No. 40 to No. 200 sieve
Table 6-7, Adjectives For Describing Size Distribution
Particle-Size Adjective Abbreviation Size Requirements
Coarse c < 30% m/f Sand or < 12% f Gravel
Coarse to medium c/m < 12% f Sand
Medium to fine m/f < 12% c Sand and > 30% m Sand
Fine f < 30% m Sand or < 12% c Gravel
Coarse to fine c/f > 12% of each size
6.2.1.7.2 Fine-Grained Soils

Fine-grained soils are those soils with more than 50 percent passing the No. 200 sieve. Silt size
particles range from the No. 200 Sieve (0.074 mm) to 0.002 mm (0.002 < D < 0.074). Clays
have particle sizes less than 0.002 mm. These materials are defined using moisture-plasticity
relationships that were developed in the early 1900’s by the Swedish soil scientist A. Atterberg.
Atterberg developed 5 moisture-plasticity relationships, of which 3 are used in engineering
practice and are known as the Atterberg Limits. These limits are the shrinkage limit (SL), the
plastic limit (PL) and the liquid limit (LL). The SL is defined as the moisture content at which
there is no additional volume change in soil sample with further reduction in moisture content
and is the moisture content when a soil behaves as a solid. The PL is defined as the moisture
content at which a 1/8-inch diameter thread can be rolled out and at which the thread just
begins to crumble and is the moisture content when soil begins behaving plastically. The LL is
the moisture content at which a soil will flow when dropped a specified distance and a specified
number of times and is the moisture content when a soil begins behave as liquid material and
begins to flow. In addition, the plasticity index (PI) is the range between the liquid limit and the
plastic limit (LL-PL). Figure 6-1 provides a chart indicating the relationship between increasing
moisture content (X-axis) and increasing volume (Y-axis). The Plasticity Chart, Figure 6-2, is
used to determine low and high plasticity and whether a soil will be Silt or Clay. If the results of
the LL and PI plot above or to the left of the “U” Line, the testing procedure and results should
be checked. Table 6-8 provides the adjectives used to describe plasticity and the applicable
plasticity range.
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Figure 6-1, Moisture Content versus Volume Change

Because of the extremely hazardous nature of determining the SL (i.e., mercury is used), SL
testing will typically not be performed. If SL testing is required, contact the PC/GDS for

concurrence on the proposed testing method and provide an explanation as to how the results
of the testing will be used or benefit the project.
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Figure 6-2, Plasticity Chart
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Table 6-8, Soil Plasticity Descriptions

Pl Range Adjective Dry Strength
0 non-plastic none — crumbles into powder with mere pressure
1-10 low plasticity low — crumbles into powder with some finger pressure

medium — breaks into pieces or crumbles with

11-20 medium plasticity considerable finger pressure

21-40 high plasticity high — cannot be broken with finger pressure
: very high — cannot be broken between thumb and a hard
>41 very plastic surface

6.2.1.8 Unified Soil Classification System (USCS)

Dr. A. Casagrande developed the USCS for the classification of soils used to support Army Air
Corps bomber bases. This system incorporates textural (grain-size) characteristics into the
engineering classification. The system has 15 different potential soil classifications with each
classification having a 2-letter designation. The basic letter designations are listed in Table 6-9.

Table 6-9, Letter Designations

L_etter_ Meaning L_etter_ Meaning
Designation Designation
G Gravel @) Organic
S Sand W Well-graded
Non-plastic or low

M plastigity fines (Silt) P Poorly-graded
C Plastic fines (Clay) L Low liquid limit
Pt Peat H High liquid limit

The classification of soil is divided into 2 general categories, coarse-grained and fine-grained
soils. Coarse-grained soils (gravels and sands) have more than or equal to 50 percent (by
weight) of the material retained on the No. 200 sieve, while fine-grained soils (silts and clays)
have more than 50 percent of the material passing the No. 200 sieve. Gravels and sands are
typically described in relation to the particle size of the grains (See Section 6.2.1.7.1). Silts and
clays are typically described in relation to plasticity (see Section 6.2.1.7.2).

In many soils, 2 or more soil types are present. When the percentage of the minor soil type is
equal to or greater than 30 percent and less than 50 percent of the total sample (by weight), the
minor soil type is indicated by adding a “y” to its name; i.e., Sandy SILT, Silty SAND, Silty
CLAY, etc.

Figures 6-3, 6-4, 6-5, 6-6, and 6-7 provide the flow charts for the classification of coarse- and
fine-grained soils using the USCS. See ASTM D2487 — Standard Practice for Classification of
Soils for Engineering Purposes (Unified Soil Classification System).
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6.2.1.9 AASHTO Soil Classification System (AASHTO)

Terzaghi and Hogentogler originally developed this classification system for the U.S. Bureau of
Public Roads in the late 1920s. This classification system divides all soils into 8 major groups
designated A-1 through A-8 (see Figures 6-8 and 6-9). In this classification system, the lower
the number the better the soil is for subgrade materials. Coarse-grained soils are defined by
groups A-1 through A-3, while groups A-4 through A-7 define the fine-grained soils. Group A-4
and A-5 are predominantly silty soils and group A-6 and A-7 are predominantly clayey soils.
Group A-8 refers to peat and muck soils.

Groups A-1 through A-3 have 35 percent or less passing the No. 200 sieve, while groups A-4
through A-7 have more than 35 percent passing the No. 200 sieve. The classification system is
presented in Figure 6-9. Table 6-10 indicates the gradation requirements used in the AASHTO
classification system.

Table 6-10, AASHTO Gradation Requirements

Soil Component Grain-size
Gravel between 3" to No. 10
Sand between No. 12 to No. 200
Silt and Clay less than No. 200

For soils in Groups A-2, A-4, A-5, A-6 and A-7 the plasticity of the fines is defined in Table 6-11.

Table 6-11, AASHTO Plasticity Requirements

Soil Component Plasticity Index
Silty < 10%
Clayey > 11%

To evaluate the quality of a soil as a highway subgrade material, a number called the Group
Index (GI) is incorporated with the groups and subgroups of the soil. The GI is written in
parenthesis after the group or subgroup designation and is determined by the following
equation:

Equation 6-3
GI = (F—35)[0.2 + 0.005(LL — 40)] + 0.01(F — 15)(PI — 10)

Where:
F = percent passing No. 200 sieve (in percent)
LL = Liquid Limit
Pl = Plasticity Index

Listed below are some rules for determining the GlI:

If the equation yields a negative value for the GlI, use zero;

Round the Gl to the nearest whole number, using proper rules of rounding;
For the upper limit of Gl see Figure 6-9;

Groups A-1-a, A-1-b, A-2-4, A-2-5, and A-3, will always have a Gl of zero;
The Gl for groups A-2-6 and A-2-7 is calculated using the following equation:

GI = 0.01(F — 15)(PI — 10) Equation 6-4

6-14 January 2019



Geotechnical Design Manual MATERIAL DESCRIPTION, CLASSIFICATION, AND LOGGING

Figure 6-7 provides the range of liquid limit and plasticity index for group A-2 to A-7 soails.
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Figure 6-8, Range of LL and PI for Soils in Groups A-2 through A-7
(modified from Mayne, et al. (2002))
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Figure 6-9, AASHTO Soil Classification System

(Mayne, et al. (2002))
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6.2.1.10 Soil Electro-Chemical Classifications

Electro-chemical testing is required for soil and water samples collected from project sites, so
that appropriate materials may be used on the project site. Electro-chemical testing is
performed in accordance with the requirements contained in Chapter 5 and consists of pH,
resistivity, sulfate and chloride contents. Soils are considered aggressive if the pH is less than
4.5; more than 8.0; or the resistivity is less than 1,000 ohms per centimeter (ohms/cm). Non-
aggressive soils have a pH greater than or equal to 4.5 or a resistivity greater than or equal to
5,000 ohms/cm. Soils with resistivity between 1,000 and 5,000 ohms/cm shall have sulfate and
chloride ion content checked. Soils with chloride ion contents greater than 100 parts per million
(ppm) or sulfate ion contents greater than 200 ppm shall be considered aggressive. In addition,
to the electro-chemical tests, the location of the ground water table should also be noted.
Fluctuations in the ground water table may lead to aggressive soil environments by allowing
increased oxygen content around the foundation. The results of all electro-chemical testing
shall be reported to the SEOR and project team for their consideration in the design of the
structure.

6.2.1.11 Other Pertinent Information

Additional information that adds to the description of the soil may be included. This information
should enhance the soil description. This may include the geologic formation to which the soll
belongs. The determination and designation of geologic formations is the responsibility of the
GEOR and not the GEC providing the field and laboratory services. The depth to ground water
at both the time of boring and approximately 24 hours after drilling are required to be indicated
on the Soil Test Boring Log. In some cases the borehole collapses prior to obtaining the ground
water reading. The depth of caving shall be indicated on the Soil Test Boring Log. For Sand-
Like soils the caved depth may be interpreted as the depth of ground water. In Clay-Like soils
the depth to ground water may be interpreted as possibly within 3 or 4 feet above or below the
caved depth.

6.2.2 Cone Penetrometer Test

The Cone Penetrometer Test shall be conducted in accordance with Chapter 5. The
penetrometer data is plotted showing the tip stress (g; — corrected), the friction resistance (fs —
measured), the friction ratio (Ry) and the pore pressures vs. depth (see Figure 6-24). Typically,
the cone penetrometers used in South Carolina have a porous element located just behind the
cone tip (shoulder) as depicted in Figure 6-10. Prior to using a cone penetrometer with a
different porous element location, approval shall be obtained from the PC/GDS. In addition, to
the plotted penetrometer data, the GEC shall provide to the PC/GDS an electronic file in Excel®
format providing the following data in the order shown:

1. Depth, feet

2. (.- Uncorrected/measured tip resistance, tons per square foot (tsf)
3. f,— Measured friction resistance, tsf

4. u, — Pore pressure behind tip, tsf

5. uo — Hydrostatic pore pressure, tsf

6. q;— Corrected tip resistance (see Equation 6-5), tsf

7. R¢— Friction ratio (see Equation 6-6), percent

8. oy, — Total overburden stress, tsf

9. o'\, — Effective overburden stress, tsf

10. B, — Pore pressure parameter, dimensionless (see Equation 7-15)
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11. Qr — Normalized tip resistance, dimensionless (see Equation 7-13)

12. Fr — Normalized sleeve resistance, dimensionless (see Equation 7-14)

13. I, — Soil behavior type, dimensionless (see Equation 7-17)

14. Zone # corresponding to I, dimensionless (see Figure 6-11 and Table 6-12)

15. Ngo — Estimated N-value at 60 percent energy, bpf (see Equation 7-21)

16. N — Cone factor as known as Ny, dimensionless

17. (Sy)ept — Undrained shear strength, pounds per square foot (psf) (see Equation 7-33)
18. ¢’ — Effective friction angle, degree (see Equation 7-46)

19. S, — Sensitivity, dimensionless (see Equation 7-40)

20. Vs — Shear wave velocity, feet per second (fps) (if measured)

Further the GEC shall indicate the equations used for all normalized parameters and
correlations and how ug, 6, and ¢y, were determined. The correlations shall conform to the
requirements of Chapter 7.

—=35.7 mm [

] LN, = uny == mbyenbolea
porawsater
pPreEnsanrm

(bahind the Hp).

o = coareched

1L0-cm® Stoandaord
Piecsocome

Figure 6-10, Standard Electro-Piezocone
(Mayne, et al. (2002))

q:=q.+ (1 —a,) *xu, Equation 6-5

Ry = ls (100%) Equation 6-6
q:
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Where:
a, = Net area ratio developed from calibration testing

Provide the a, value used to compute the corrected tip resistance and the cone factor (Ny) used
to compute the undrained shear strength in the Excel® spreadsheet. Similarly to Soil Test
Borings, the CPT can be used to classify the soils at a site. However, the classification is based
on soil behavior rather than grain-size and plasticity and the various classification systems yield
a Soil Behavior Type (SBT or I;) rather than a USCS soil type. The basic classification is
between coarse-grained and fine-grained soils, the differences are indicated below:

1. Coarse-grained
a. High end resistance, tip stress, ()
b. Low Friction Ratio, (Ry)
c. Low pore pressure, (U,)

2. Fine-grained
a. Low end resistance, tip stress, (qc)
b. High Friction Ratio, (Ry)
c. High pore pressure, (uy)

Soil classifications are based on the relationship between normalized Friction Ratio (Fr (F; in
Figure 6-11)) and normalized tip resistance (Q; (Q, in Figure 6-11)) as shown in Figure 6-11.
Table 6-12 provides the description of the soils by zone as well as the I, for each zone.
Similarly to Soil Test Borings, the relative density and/or consistency can be assigned to a soll
layer. The relative density and/or consistency is based on the corrected tip resistance (qy).
Table 6-13 provides the relative density/consistency versus correct tip resistance.

1000 -

IIIIIIIéI. \.I I TTTINT
\
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Increasing density ) :
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o

NORMALIZED COME RESISTANCE, Qy,
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sensitivity

1 L1 111111l %
0.1 1 10

NORMALIZED FRICTION RATIO, F,

Figure 6-11, Normalized CPT Soil Behavior Chart Using Qt versus Fg
(Robertson and Cabal (2015))
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Table 6-12, CPT Soil Behavior Type
(Robertson and Cabal (2015))

6.2.3

Soil Behavior Type
I le
Zone # Description Min | Max
1 Sensitive, fine-grained N/A
2 Organic soils — peats >3.6
3 Clays — Silty Clay to Clay 2.95 3.59
4 Silt mixtures — Clayey Silt to Silty Clay 2.60 2.94
5 Sand mixtures — Silty Sand to Sandy Silt 2.05 2.59
6 Sands — clean Sand to Silty Sand 1.31 2.04
7 Gravelly Sand to dense Sand <1.30
8 Very stiff Sand to Clayey Sand (high OCR or cemented) N/A
9 Very stiff, fine-grained (high OCR or cemented) N/A
Table 6-13, CPT Relative Density / Consistency Terms
Relative Density™? Consistency™®
Descriptive Relative a:’ Descriptive a:’
Term Density (tsf) Term (tsf)
Very Loose 0 to 15% <50 Very Soft <5
Loose 16 to 35% 51 to 100 Soft to Firm 6 to 15
Medium Dense | 36 to 65% 101 to 150 Stiff 16 to 30
Dense 66 to 85% 151 to 200 Very Stiff 31to 60
Very Dense 86 to 100% 2201 Hard 261
'For Classification only, not for design
*Applies to coarse-grained soils (major portion retained on No. 200 sieve)
*Appiles to fine-grained soils (major portion passing No. 200 sieve)
“Corrected Tip Resistance

Dilatometer Test

The Dilatometer Test (DMT) shall be conducted in accordance with Chapter 5. In addition, to
the plotted dilatometer data (see Figure 6-25); the GEC shall provide to the PC/GDS an

electronic file in Excel® format providing the following data in the order shown (1 bar = 1 tsf):

1. Depth, feet
2. A-pressure, bars
3. B-pressure, bars
4. C-pressure, bars
5. AA — Corrections from membrane calibration, bars
6. AB - Corrections from membrane calibration, bars
7. po— Corrected A-pressure (see Equation 6-7), bars
8. p:1— Corrected B-pressure (see Equation 6-8), bars
9. p, - Corrected C-pressure (see Equation 6-9), bars
10. Zy, — Pressure gauge reading when vented to atmospheric pressure, bars
11. qq — Corrected thrust required to insert dilatometer, tons
12. 6, — Total overburden stress, tsf
13. o'\, — Effective overburden stress, tsf
14. ug — Equilibrium pore pressure, tsf
15. Ip — Material index (soil type), dimensionless
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16. Kp — Horizontal stress index, dimensionless
17. Ep — Dilatometer Modulus, bars

18. Up — Pore Pressure Index, dimensionless
19. (Sy)pmr — Undrained shear strength, psf

The correlated information requested above shall also be included in the Excel® spreadsheet.
Further the equations for determining these correlations shall be indicated. The GEC shall also

indicate how o, and G’,, were determined. The correlations shall conform to the requirements
of Chapter 7. Through developed correlations (see Chapter 7), information can be deduced
concerning material type, pore water pressure, in-situ horizontal and vertical stresses, void ratio
or relative density, modulus, shear strength parameters, and consolidation parameters.

Where:
po — Corrected A-pressure

Po=1.05%x(A—Zy+AA)—0.05+(B—Zy —AB) Equation 6-7
p: — Corrected B-pressure
P1=B—-Zy—AB) Equation 6-8
p. — Corrected C-pressure (uo — Equilibrium pore pressure)
Uy =py =(C—Zy+ AA) Equation 6-9

Similarly to CPT, the DMT can be used to classify the soils at a site based on behavior. Sail
classifications are based on the material index (Ip) as indicated in Table 6-14.

Table 6-14, DMT Material Index
(Marchetti, et al. (2001))

. Material Index, (I
Soil Type Vi (I\/ID<)51x
Clay 0.1 0.6
Silt 0.6 1.8
Sand >1.8

Another general indicator of soil type is the pore pressure index (Up). A Up of between 0.0 and
approximately 0.2 indicates that the soils are “free-draining”. “Free-draining” (permeable) soils
are typically coarse-grained (i.e., clean sands and gravels) soils. Impermeable soils are
typically fine-grained (clays (lean and fat) and elastic silts) soils and have a Uy, of 0.7 or greater.
Soils with a Up between 0.2 and 0.7 have an intermediate permeability. A wide range of soils
can have an intermediate permeability. Up provides a general indication of soil type and is not
considered exact; therefore, Up should be used in conjunction with I, to determine soil type.

6.3 ROCK DESCRIPTION AND CLASSIFICATION

Rock descriptions should use technically correct geologic terms, although accepted local
terminology may be used provided the terminology helps to describe distinctive characteristics.
Rock cores shall be logged when wet for consistency of color description and greater visibility of
rock features. Geologists classify all rocks according to their origin and into 3 distinctive types

January 2019 6-21



Geotechnical Design Manual MATERIAL DESCRIPTION, CLASSIFICATION, AND LOGGING

as indicated in Table 6-15. All 3 rock types are found here in South Carolina: igneous rocks are
found in the Piedmont region, metamorphic rocks are found in the Piedmont and Blue Ridge
regions, and sedimentary rocks are found in the Coastal Plain. The Department uses both the
geological history as well as the engineering properties to describe rock materials.

Table 6-15, Rock Classifications
Rock Type Definition
Igneous Derived from molten material
Derived from settling, depositional, or
precipitation processes
Derived from preexisting rocks due to heat,
fluids, and/or pressure.

Sedimentary

Metamorphic

The geologic conditions of South Carolina have a direct bearing on the activities of SCDOT.
This is because the geological history of a rock will determine its mechanical behavior.
Therefore, construction costs for a project, especially a new project with substantial foundation
construction, are frequently driven by geological, subsurface factors. It is for this reason that
much of the initial site investigation for a project requiring foundation work focuses on
mechanical behavior of the subsurface materials within the construction limits. A detailed
geologic description shall include the following items, in order:

Rock Type

Rock Color

Grain-Size and Shape
Texture (stratification/foliation)
Mineral Composition
Weathering and Alteration
Strength

Rock Discontinuity

. Rock Fracture Description
10. Other pertinent information
11. Geologic Strength Index
12. Rock Mass Rating

CoNooRr®ONE

In addition to the above information being included on the boring record, a photographic log of
the cores shall also be provided. The photographic log shall be obtained in the field upon
completion of the specific core run. The top and bottom of each individual core run shall be
clearly labeled. The label shall include the top and bottom depth of each core run as well as the
core run number. A tape measure or ruler shall be placed cross the top or bottom edge of the
core box to provide a scale for the photograph. The ruler shall be large enough and provide
enough contrast to allow for differentiation between the markings on the ruler. All breaks that
occur during coring or are required to fit the core run into the core box shall be indicated to be
mechanical breaks.

Rock Quality Designation (RQD) is used to indicate the quality of the rock and is frequently
accompanied with descriptive words. It is always expressed as a percent. Percent recovery
can be greater than 100 percent if the core from a prior run is recovered during a later run.
Figure 6-12 further illustrates the determination of the RQD.
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6.3.1 Rock Type

The rock type shall be identified by either a licensed geologist or geotechnical engineer with a
minimum of 4 years of experience classifying rock. Rocks are classified according to origin into
the 3 major groups: igneous, sedimentary and metamorphic. These groups are subdivided into
types based on mineral and chemical composition, texture, and internal structure.

6.3.1.1 Igneous

Intrusive, or plutonic, igneous rocks have coarse-grained (large, intergrown crystals) texture and
are believed to have been formed below the earth’s surface. Granite and gabbro are examples
of intrusive igneous rocks found in South Carolina. Extrusive, or volcanic, igneous rocks have
fine-grained (small crystals) texture and have been observed to form at or above the earth’s
surface. Basalt and tuff are examples of an extrusive igneous rocks found in South Carolina.
Pyroclastic igneous rocks are the result of a volcanic eruption and the rapid cooling of lava,
examples of this type of rock are pumice and obsidian. Pyroclastic igneous rocks are not native
to South Carolina.

6.3.1.2 Sedimentary

Sedimentary rocks are the most common form of rock and are the result of weathering of other
rocks and the deposition of the rock sediment and soil. Sedimentary rocks are classified into 3
groups called clastic, chemical, and organic. Clastic rocks are composed of sediment (from
weathering of rock or erosion of soil). Mudstone and sandstone are examples of clastic
sedimentary rock found in South Carolina. Chemical sedimentary rocks are formed from
materials carried in solution into lakes and seas. Limestone, dolomite, and halite are examples
of this type of sedimentary rock. Organic sedimentary rocks are formed from the decay and
deposition of organic materials in relatively shallow water bodies. Examples of organic
sedimentary rocks are chalk, shale, coal, and coquina. Coquina is found within South Carolina.

6.3.1.3 Metamorphic

Metamorphic rocks result from the addition of heat, fluid, and/or pressure applied to preexisting
rocks. This rock is normally classified into 3 types, strongly foliated, weakly foliated, and
nonfoliated. Foliation refers to the parallel, layered minerals orientation observed in the rock.
Schist is an example of a strongly foliated rock. Gneiss (pronounced “nice”) is an example of a
weakly foliated rock, while marble is an example of a nonfoliated rock. Schist, gneiss, slate and
marble are metamorphic rocks found in South Carolina.

6.3.2 Rock Color
The color of the rock shall be determined using the Munsell Color Chart and shall be described
while the rock is still at or near the in-situ moisture condition. The Munsell color designation

shall be provided at the end of the rock description.

6.3.3 Grain-size and Shape

Grain-size is dependent on the type of rock as described previously; sedimentary rocks will
have a different grain-size and shape, when compared to igneous rocks. Metamorphic rocks
may or may not display relict grain-size of the original parent rock. The grain-size description
should be classified using the terms presented in Table 6-16. Angularity is a geologic property
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of particles and is also used in rock classification. Table 6-17 shows the grain shape terms and
characteristics used for sedimentary rocks.

Table 6-16, Grain-size Terms

Description Diameter (mm) Characteristic
very coarse- >4.75 Grain-sizes greater than popcorn kernels
grained
Coarse-grained 2.00-4.75 Individual grains easy to distinguish by eye
Medium grained 0.425-2.00 Individual grains distinguished by eye
Fine-grained 0.075-0.425 Individual grains distinguished with difficulty
Very fine-grained <0075 Individual grains cannot gsedlstmgmshed by unaided

Table 6-17, Grain Shape Terms for Sedimentary Rocks

Description Characteristic
Anaular Shows little wear; edges and corners are sharp, secondary corners are
9 numerous and sharp
Shows definite effects of wear; edges and corners are slightly rounded
Subangular off; secondary corners are less humerous and less sharp than angular
grains
Shows considerable wear; edges and corners are rounded to smooth
Subrounded ) )
curves; secondary corners greatly reduced and highly rounded
Shows extreme wear; edges and corners smoother to broad curves;
Rounded
secondary corners are few and rounded
Well-rounded Completely worn; edges and C(‘)a?geerz are not present; no secondary

6.3.4 Texture (stratification/foliation)

Significant nonfracture structural features should be described. Stratification refers to the
layering effects within sedimentary rocks, while foliation refers to the layering within
metamorphic rocks. The thickness of the layering should be described using the terms of Table
6-18. The orientation of the stratification/foliation should be measured from the horizontal with a

protractor.

Table 6-18, Stratification/Foliation Thickness Terms

Descriptive Term Layer Thickness
Very Thickly Bedded >1.0m
Thickly Bedded 0.5t01.0m
Thinly Bedded 50 to 500 mm
Very Thinly Bedded 10 to 50 mm
Laminated 2.5t0 10 mm
Thinly Laminated <2.5mm

6.3.5 Mineral Composition

The mineral composition shall be identified by a geologist or geotechnical engineer based on
experience and the use of appropriate references. The most abundant mineral should be listed
first, followed by minerals in decreasing order of abundance. For some common rock types,
mineral composition need not be specified (e.g., dolomite and limestone).
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6.3.6 Weathering and Alteration

Weathering as defined here (see Table 6-19) is due to physical disintegration of the minerals in
the rock by atmospheric processes while alteration is defined here as due to geothermal
processes.

Table 6-19, Weathering/Alteration Terms

Description Recognition
Original minerals of rock have been entirely decomposed to
Residual Sail secondary minerals, and original rock fabric is not apparent;

material can be easily broken by hand
Original minerals of rock have been almost entirely decomposed to
secondary minerals, although the original fabric may be intact;

Completely Weathered /

Attered material can be granulated by hand
Hiahly Weathered / More than half of the rock is decomposed; rock is weakened so
g yAItered that a minimum 1-7/8 inch diameter sample can be easily broken

readily by hand across rock fabric
Rock is discolored and noticeably weakened, but less than half is
decomposed; a minimum 1-7/8 inch diameter sample cannot be

Moderately Weathered /

Altered broken readily by hand across rock fabric
Slightly Weathered / Rock is slightly discolored, but not noticeably lower in strength
Altered than fresh rock
Eresh Rock shows no discoloration, loss of strength, or other effect of

weathering / alteration

6.3.7 Strength

Table 6-20 presents guidelines for common qualitative assessment of strength while mapping or
during primary logging of rock cores at the site by using a geologic hammer and pocketknife.
The field estimates should be confirmed where appropriate by comparisons with selected
laboratory test.

Table 6-20, Rock Strength Terms

Approximate Uniaxial
Description Recognition Compressive Strength
(psi)
Extremely Weak Rock Can be indented by thumbnail 35-150
Very Weak Rock Can be peeled by pocket knife 150 —-700
Weak Rock Can be peeled Wlfzif%lfflcu'ty by pocket 700 — 3,500
Medium Strong Rock Can be indented ?())/flsi(!;rll(:h with sharp end 3.500 — 7,200
Strong Rock Requires one hammer blow to fracture 7,200 — 14,500
Very Strong Rock Requires many hammer blows to fracture 14,500 — 35,000
Extrerge;l)éks trong Can only be chipped with hammer blows > 35,000

A popular classification system based on quantifying discontinuity spacing is known as the RQD
(see ASTM D6032 — Standard Test Method for Determining Rock Quality Designation (RQD) of
Rock Core). RQD is illustrated in Figure 6-12 and is defined as the total combined length of all
the pieces of the intact core that are longer than twice the diameter of the core (normally 2
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inches) recovered during the core run divided by the total length of the core run (e.g., the
summation of rock pieces greater than 4 inches in length is 4 feet for a 5-foot run indicating an
RQD of 80 percent). The RQD can be used to describe the quality of the rock as indicated in
Table 6-21. An additional qualitative measure of rock strength is the time to advance the core
barrel. The time should be recorded as minutes per foot and should only include the time spent
actually advancing the core barrel into the rock mass.

Table 6-21, Rock Quality Description Terms

Description RQD
Very poor 0-25%
Poor 26% - 50%
Fair 51% - 75%
Good 76% - 90%
Excellent 91% - 100%

The scratch hardness test can also be used to provide an indication of the hardness of a rock
sample. The terms to describe rock hardness are provided in Table 6-22.

Table 6-22, Rock Hardness Terms

Description Characteristic
Soft (S) Plastic materials only
Friable (F) Easily crumbled by hand, pulverized or reduced to powder
Low Hardness (LH) Can be gouged deeply or carved with a pocketknife
Moderately Hard (MH) Can be readily scratched by a knife blade
Hard (H) Can be scratched with difficulty
Very Hard (VH) Cannot be scratched by pocketknife
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Figure 6-12, RQD Determination

(Mayne, et al., 2002)
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6.3.8 Rock Discontinuity

Discontinuity is the general term for any mechanical crack or fissure in a rock mass having no or
low tensile strength. It is the collective term for most types of joints, weak bedding planes, weak
schistosity planes, weakness zones, and faults. The symbols recommended for the type of rock
mass discontinuities are listed in Table 6-23.

Table 6-23, Discontinuity Type

Symbol Description
F Fault
J Joint
Sh Shear
Fo Foliation
\Y Vein
B Bedding

The spacing of discontinuities is the perpendicular distance between adjacent discontinuities.
The spacing is measured in feet, perpendicular to the planes in the set. Table 6-24 presents
guidelines to describe discontinuity.

Table 6-24, Discontinuity Spacing
Symbol Description
EW Extremely Wide (> 65 feet)
W Wide (22 — 65 feet)
M Moderate (7.5 — 22 feet)
C
VC

Close (2 — 7.5 feet)
Very Close (< 2 feet)

The discontinuities should be described as closed, open, or filled. Aperture is used to describe
the perpendicular distance separating the adjacent rock walls of an open discontinuity in which
the intervening space is air or water filled. Width is used to describe the distance separating the
adjacent rock walls of filled discontinuities. The terms presented in Table 6-25 and Table 6-26
should be used to describe apertures and widths, respectively. Terms such as “wide”, “narrow”,
and “tight” are used to describe the width of discontinuities such as thickness of veins, fault
gouge filling, or joint openings. For the faults or shears that are not thick enough to be
represented on the soil test boring log, the measured thickness is recorded numerically in
millimeters (mm).

Table 6-25, Aperture Size Discontinuity Terms

Aperture Opening Description
<0.1 mm Very tight
0.1-0.25 mm Tight Fifti?gs
0.25-0.5mm Partly open
0.5-2.5mm Open Gapped
25-10mm Moderately open Features
>10 mm Wide
1-10cm Very wide 0
10 -100 cm Extremely wide = pen
eatures
>1m Cavernous
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Table 6-26, Discontinuity Width Terms

Symbol Description
W Wide (12.5 — 50 mm)
MW Moderately Wide (2.5 —12.5 mm)
N Narrow (1.25 — 2.5 mm)
VN Very Narrow (<1.25 mm)
T Tight (0 mm)

In addition to the above characterizations, discontinuities are further characterized by the
surface shape of the joint and the roughness of its surface (see Tables 6-27 and 6-28).

Table 6-27, Surface Shape of Joint Terms

Symbol Description
Wa Wavy
Pl Planar
St Stepped
Ir Irregular

Table 6-28, Surface Roughness Terms

Symbol Description
Slk Slickensided (surface has smooth, glassy finish with visual evidence of
striations)
S Smooth (surface appears smooth and feels so to the touch)
SR Slightly Rough (asperities on the discontinuity surfaces are distinguishable and
can be felt)
R Rough (some ridges and side-angle steps are evident; asperities are clearly
visible, and discontinuity surface feels very abrasive)
VR Very Rough (near-vertical steps and ridges occur on the discontinuity surface)

Filling is the term for material separating the adjacent rock walls of discontinuities. Filling is
characterized by its type, amount, width (i.e., perpendicular distance between adjacent rock
walls (see Table 6-26)), and strength. Table 6-29 presents guidelines for characterizing the
amount of filling.

Table 6-29, Filling Amount Terms

Symbol Description
Su Surface Stain
Sp Spotty
Pa Partially Filled
Fi Filled
No None

6.3.9 Rock Fracture Description

The location of each naturally occurring fracture and mechanical break should be shown in the
fracture column of the rock core log. The naturally occurring fractures are numbered and
described using the terminology presented above for discontinuities.
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The naturally occurring fractures and mechanical breaks are sketched in the drawing column of
the Soil Test Log (see Figures 6-19 and 6-20). Dip angles of fractures shall be measured using
a protractor and marked on each log. If the rock is broken into many pieces less than 1 inch
long, the log may be crosshatched in that interval or the fracture may be shown schematically.
Strike (dip orientation or direction (i.e., north, south, etc.)) should be estimated based on rock
cores, local outcrops, and geologic experience in the immediate area.

The number of naturally occurring fractures observed in each 1 foot of core should be recorded
in the fracture frequency column. Mechanical breaks, thought to have occurred due to drilling,
are not counted. The following criteria can be used to identify natural breaks:

e A rough brittle surface with fresh cleavage planes in individual rock minerals
indicates an artificial fracture.

e A generally smooth or somewhat weathered surface with soft coating or infilling
materials, such as talc, gypsum, chlorite, mica, or calcite obviously indicates a
natural discontinuity.

¢ In rocks showing foliation, cleavage, or bedding it may be difficult to distinguish
between natural discontinuities and artificial fractures when these are parallel with
the incipient weakness planes. |If drilling has been carried out carefully, then the
guestionable breaks should be counted as natural features, to be on the
conservative side.

e Depending upon the drilling equipment, part of the length of core being drilled may
occasionally rotate with the inner barrels in such a way that grinding of the surfaces
of discontinuities and fractures occur. In weak rock types, it may be very difficult to
decide if the resulting rounded surfaces represent natural or artificial features. When
in doubt, the conservative assumption should be made; i.e., assume that the
discontinuities are natural.

The results of core logging (frequency and RQD) can be strongly time dependent and moisture
content dependent in cases of certain varieties of shales and mudstones having relatively
weakly developed diagenetic bonds. A frequent problem is “discing”, in which an initially intact
core separates into discs on incipient planes, the process becoming noticeable perhaps within
minutes of core recovery. This phenomenon is experienced in several different forms:

e Stress relief cracking (and swelling) by the initially rapid release of strain energy in cores
recovered from areas of high stress, especially in the case of shaley rocks.

o Dehydration cracking experienced in the weaker mudstones and shales which may
reduce RQD from 100 percent to O percent in a matter of minutes, the initial integrity
possibly being due to negative pore pressure.

e Slaking cracking experienced by some of the weaker mudstones and shales when
subjected to wetting and drying.

All these phenomena may make core logging of fracture frequency and RQD unreliable.
Whenever such conditions are anticipated, cores shall be logged by an experienced geologist or
geotechnical engineer as it is recovered and at subsequent intervals when the phenomenon is
predicted.
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6.3.10 Other Pertinent Information

Additional information that adds to the description of the rock may be included. This may
include the geologic formation to which the rock belongs. This information should enhance the
description.

6.3.11 Geological Strength Index

In the prior versions of this Manual (Version 1.0 and 1.1) the Rock Mass Rating (RMR) was
determined and used in the development of the Hoek-Brown criteria used in rock design. In the
most recent version of the Hoek-Brown criteria (Hoek, Carranza-Torres and Corkum (2002)),
RMR has been replaced by the Geological Strength Index (GSI) classification system.
However, the RMR shall still also be determined. According to Marinos, Marinos and Hoek
(2005):

This index (GSI) is based upon an assessment of the lithology, structure and
condition of discontinuity surfaces in the rock mass and it is estimated from visual
examination of the rock mass exposed in outcrops, in surface excavations such
as road cuts and in tunnel faces and borehole cores. The GSI, by combining the
two fundamental parameters of the geological process, the blockiness of the
mass and the conditions of the discontinuities, respects the main geological
constraints that govern a formation and is thus a geologically sound index that is
simple to apply in the field.

The use of GSl is only applicable to rock masses whose behavior is controlled by the overall
mass response and not by failure along pre-existing structural discontinuities. Rock mass is
used to describe the system comprised of intact rock, the consolidated and cemented
assemblage of mineral particles, and discontinuities, joints, bedding planes, minor faults, or
other recurrent planar features. Intact rock characteristics are determined from index and
laboratory tests on core samples, while the rock mass properties are estimated from intact rock
properties plus the characteristics of discontinuities.

Figure 6-13 provides the chart for determining GSI from rock core samples or exposed outcrops
on a site. The GSI is estimated based on, first, the structure of the rock mass and second, on
the condition of the rock surfaces. Combining the rock type and the uniaxial compressive
(unconfined) strength of intact (q,) with the GSI provides a practical means to assess rock mass
strength and modulus for foundation design.
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Figure 6-13, GSI Determination
(Brown, Turner and Castelli (2010))

Marinos, et al. (2005) have identified some limitations to the use of the GSI. The GSI
classification system should only be applied to those rock masses that are isotropic (i.e.,
behavior of the rock mass is independent on loading direction). If a clearly defined dominant
structural orientation is present (i.e., slate or bedded shales) then the GSI classification system
shall not be used. The exception is in slope stability: if the bedding planes are oriented 90° to
the slope (i.e., the bedding planes dip into the slope), then the GSI classification system, may
be used with caution. Another limitation that needs to be accounted for is the aperture of the
discontinuities within the rock mass, since these openings can significantly affect the rock mass
properties. The size of the apertures is termed a “disturbance factor” (D) in the latest version of
the Hoek-Brown criterion. The disturbance factor ranges from 0 for intact rock to 1 for extremely
disturbed rock masses. This factor allows for the disruption of the interlocking on individual rock
pieces as result of the opening of the discontinuities. The GSI classification system is a
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gualitative system that is subjective to the engineer or geologist logging the borehole. Therefore
a range of GSI values shall be determined from Figure 6-13.

6.3.12 Rock Mass Rating

The information obtained in the preceding Sections is also used to develop the Rock Mass
Rating (RMR). The RMR is used to determine how the mass of rock will behave as opposed to
the samples used in unconfined compression, which typically tend to represent the firmest
materials available. Discontinuities affect the ability of rock to carry load and to resist
deformations. The RMR is the sum of the relative ratings (RR) for 5 parameters adjusted for
joint orientations. Table 6-30 provides the 5 parameters and the range of values. The RMR is
adjusted to account for joint orientation depending on the favorability of the joint orientation for
the specific project. Table 6-31 contains the relative rating adjustments (RRA) for joint
orientation. The adjusted RMR is determined using Equation 6-10. The description of the rock
mass is based on the adjusted RMR as defined in Table 6-32. The adjusted RMR can be used
to estimate the rock mass shear strength and the deformation modulus (see Chapter 7).

RMR = RR1 + RR2 + RR3 + RR4 + RR5 + RRA Equation 6-10

Table 6-30, Classification of Rock Masses

Parameter Range of Values
S h Point load >1,215 1,215 - 300 — 150 — 300 For this low range, uniaxial
0?;’:3; strength index psi 1,100 psi 1,100 psi psi compressive test is preferred
1 rock Comr"‘e’ii:\/e >30,000 | 30,000 — 7,500 — 3,600~ | 1,500 - ‘1305?05 150 500 psi
material strength psi 15,000 psi 15,000 psi 7,500 psi 3,600 psi psi
Relative Rating (RR1) 15 12 7 4 2 1 0
Drill core quality RQD 90 — 100% 75 - 90% 50 — 75% 25 - 50% <25%
Relative Rating (RR2) 20 17 13 8 3
Spacing of Joints >10 ft 3-10ft 1-3ft 2in-1f1t <2in
Relative Rating (RR3) 30 25 20 10 5
- Slicken-sided OL} Seoito 2
- Very rough - Slightly rough - Slightly rough surfaces or gouge >0.
. in thick or
surfaces surfaces surfaces - Gouge <0.2 in - Joints
. . - Not continuous - Separation - Separation <0.05 thick or
Condition of Joints - No separation <0.05in in - Joints open operi1n>0.2
- Hard joint wall - Hard joint wall - Soft joint wall 0.05-0.2in )
rock rock rock - Continuous Continuous
joints L
joints
Relative Rating (RR4) 25 20 12 6 0
Ratio — joint
water
Gro:md pressure/major 0 0.0-0.2 0.2-0.5 >0.5
5 co\rgv;t?c:ns principal stress
General Moist only (interstitial Water under moderate Severe water
. Completely dry
conditions water) pressure problems
Relative Rating (RR5) 10 7 4 0
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Table 6-31, Relative Rating Adjustment for Joint Orientations

Strike and Dip Ver Ver
Orientations of y Favorable Fair Unfavorable y
Joints Favorable Unfavorable
Relative | Foundations 0 -2 -7 -15 -25
Ratings
(RRA) Slopes 0 -5 -25 -50 -60
Table 6-32, Rock Mass Class Determination
RMR 81— 100 61— 80 41 - 60 21— 40 <20
Rating
Class No. [ Il 11l v V
Description | Very good rock | Good rock Fair rock Poor rock Very poor rock

6.4 FIELD AND LABORATORY TESTING RECORDS
This Section discusses the presentation of field and laboratory data on SCDOT projects.

6.4.1 Field Testing Records

The results of Soil Test Borings shall be preliminarily prepared and forwarded to the GEOR for
review and editing as well as for the selection of samples for laboratory testing. At the
completion of laboratory testing, the preliminary logs shall be corrected to conform to the results
of the laboratory testing and final Soil Test Logs shall be prepared and submitted. Figure 6-14
provides the template for the preparation of a soil test log for use on SCDOT projects. Figures
6-15, 6-16 and 6-17 provide the descriptors to be used in preparing the logs. Figure 6-18
provides a template for a manual auger log for use on SCDOT projects. Figures 6-19 and 6-20
provide an example of a completed Soil Test Log. Figure 6-21 presents an example of a
completed Manual Auger Log. The results of Field Vane Shear Testing (FVST) shall be
presented on soil test boring record as indicated in Figure 6-22, with “FV” inserted after the
boring number (i.e., B-1FV). As indicated in Chapter 5, a record is required for Shelby tube
(undisturbed, UD) sampling, if the UD is not obtained within a soil test boring. See Figure 6-23
for an example. The record of UD sampling shall consist of the soil test boring designation with
a “U” after the number (i.e., B-1U). The results of the CPTu and DMT soundings shall be as
presented in Figures 6-24 and 6-58, respectively. The shear wave velocity (V) profile versus
depth shall be presented as indicated in Figure 6-26. In addition, the Vs profile versus depth
shall also be included in the Excel® spreadsheet as well as provided as a table (see Figure 6-
27). In addition, to the information previously indicated, the Soil Test Boring records shall
indicate the termination depth, if auger refusal was encountered and what depth. Further, the
Soil Test Boring records shall indicate the depth of caving, if encountered and whether the
caving was indicated at the completion of the boring or at some other time.

6.4.2 Laboratory Testing Records

In an effort to standardize the appearance of laboratory testing results, all laboratory testing
results shall be processed using gINT® as produced by Bentley Systems, Incorporated. Those
tests that do not have presentation forms in gINT® shall use the forms currently being used by
the GEC. A summary of all laboratory testing results shall be provided (see Figure 6-28).
Following the laboratory results summary, provide a graph of index properties (liquid and plastic
limits, natural moisture content and percent fines) versus depth. Figure 6-29 provides an
example of this graph. The results of moisture-plasticity relationship testing results and grain-
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size analysis shall also be presented graphically as depicted in Figures 6-30 and 6-31,
respectively. The moisture-density relationship testing results shall be depicted as shown in
Figure 6-32. In addition, each UD sample is required to have an extraction log (i.e., Shelby
Tube Log) indicating the soil encountered in each undisturbed specimen. Further photos of
each specimen will also be presented see Figures 6-33, 6-34 and 6-35 for examples. The
results of consolidation testing may be shown as depicted in Figure 6-36; however, alternate
presentations of consolidation testing results may be presented with prior approval of the
PC/GDS. The results of unconfined compression testing may be shown as depicted in Figure 6-
37. The results of direct shear testing may be shown as depicted in Figure 6-38. The results of
triaxial testing should be shown as indicated in Figures 6-39 and 6-40. In addition, photographs
of the triaxial sample immediately after it has been extracted from the Shelby tube, after the
sample has been trimmed and placed in the loading cell and after failure shall also be provided.
Figure 6-41 provides a summary of the results of rock core testing and Figures 6-42 and 6-43
provide an example of an individual unconfined rock core test result.
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m Soil Test Log

Project ID: | 0041401-B01 | County: [ Beaufort/Jasper | Boring No.: | B-722
Site Description: | RBO New River | Route: | SC170/46
Eng./Geo.: | A Bore [ Boring Location: [ 722+00 | Offset: 5ftLT [ Alignment: | Mainline
Elev.: | 1,500 ft | Latitude: 34.3750 Longitude: 81.0944 Date Started: 07M15/03
Total Depth: [ 45t | Soil Depth: [ 39t | Core Depth: 6 ft Date Completed: | 07/16/03
Bore Hole Diameter (in): | 45 | Sampler Configuration | Linerrequired: [Y N  [Linerused: [Y N
Drill Machine: | CME-750 Drill Method: | Wash Rotary | Hammer Type: | Automatic | Energy Ratio: | 100%
Core Size: | NQWireline Driller: | |. Core Groundwater: [TOB [ 751t [24hr [ 151t
e - SPT N-value
p (blows / foot)
Tz
= A R g PL MC LL
2] iy — o o
£ o |ls| g . O
- | & MATERIAL DESCRIPTION £ | 8| F =
g | e gla |2 - A -% fines
= 1S c|e| g 7
g § =3 @ - 1 2 3 4 6 6 7 8 9
2 |3 Ew‘(ﬁ':EE oonnoooong
(a] w 17] — N M

Soil Description
DDEDEDEOE
o i o Y e Y
@[ .

Munsell = Munsell Color Chart Designation
LL = Liquic Limit

PL = Plastic Limit

Pl = Plasticity Index

NMC = Natural Moisture Content

%#200 = Percent Passing #200 Sieve

Rock Description (as requir%

ofafoNnlo}
DDODODOE O

| Munsell |, [RQD |, [ %REC |, [ GSI |

] . ]

Munsell = Munsell Color Chart Designation
RQD = Rock Quality Designation

%REC = Percent Recovery

G5l = Geological Strength Index

RMR = Rock Mass Rating

¢u = Unconfined Compressive Strength
Time Rate = Time required to drill a core

Figure 6-14, SCDOT Soil Test Log Template
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]

SCEST soil Test Log Descriptors

Relative Density / Consistency Terms

Relafive Density’

Descriptive Term

Very Loose
Loose

Medium Dense
Dense

Very Dense

Consisteney”
Relative Density SPT Blow Count Descriptive Term
0to 15% <4 Very Soft
16 to 35% Stold Soft
36 to 65% 11 to 30 Firm
66 to 85% 31 to 50 Suff
8oto 100% =51 Very Stiff
Hard

Moisture Condition

Descriptive Term
Dry

Moist

Wet

Color

Criteria

Absence of moisture, dusty, dry to the touch

Damp but no visible water

Visible free water, usually in coarse-grained soils below the water table

Diescribe the sample color while sample is still moist, using Munsell color chart.

,-\n;;-,ul;u'ilﬂ\f1
Descriptive Term
Angular
Subangular
Subroundad

Rounded

HCI Reaction’

Descriptive Term
None Reactive
Weakly Reactive
Strongly Reactive

Cementation’

Descriptive Term

Critenia

Unconfined
Compression
Strength (q,) (1s0)
<0.25
0.26 to 0.50
0.51to 1.00
1.01 to 2.00
2.01 to 4.00
>4.01

Particles have sharp edges and relatively plane sides with unpolished surfaces

Particles are similar to angular description but have rounded edges

Particles have nearly plane sides but have well-rounded corners and edges

Particles have smoothly curved sides and no edges

Criteria

No visible reaction

Some reaction, with bubbles forming slowly
Violent reaction, with bubbles forming immediately

Criteria

Weakly Cemented

Moderately Cemented

Strongly Cemented

Crumbles or breaks with handling or litle finger pressure
Crumbles or breaks with considerable finger pressure
Will not crumble or break with finger pressure

Particle-Size Range!

Gravel Sand
mm Sieve size mm
Fine 476 t019.1 ft4 to ¥:inch Fine 007410042
Coarse 19.1t076.2  %inchto3inch Medium 0.42 t0 2.00
Coarse 40010 4.76

Primary Soil Type'*

The primary soi1l type will be shown in all capital letters

USCS Soil Designation
Indicate USCS soil designation as defined in ASTM D-2487 and D-2488

AASHTO Soil Designation
Indicate AASHTO soil designation as defined in AASHTO M-145 and ASTM D-3282

' Applies to coarse-grained soils (major portion retained on No. 200 sieve)
“Appiles to fine-grained soils (major portion passing No. 200 sieve)

“Use as required

Sieve size
#200 to #40
#40 to #10
#10 to #4

SPT Blow
Count

<2
3tod
5to8
9t 15
16 to 30
>3]

Figure 6-15, SCDOT Soil Test Log Descriptors — Soil
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SCEST Soil Test Log Descriptors

Rock Type
Indicate type of rock encountered (i.e. granite, limestone, shale, slate, ete.)

Color

Describe the sample color while sample is still moist, using Munsell color chart.

m Texture

Describe the nonfracture structural features. Stratification is the layering of sedimentary rock and foliation is the layering
of metaphoric rock

Descriplive Term Criteria

Very Thickly Bedded >1.0m
Thickly Bedded 051t01.0m
Thinly Bedded 50 to 500 mm
Very Thinly Bedded 10 to 50 mum
Larminated 2.5 to 10 mm
Thinly Laminated <2.5mm

Grain Size and Shape
Describe the size and shape of all visible grains, typically used on sedimentary rock.

Size

Descriptor mn Sieve size

Very coarse grained >4.75 Grain sizes greater than popeorn kernels

Coarse grained 200-475 Individual grains easy to distinguish by eve
Medium grained 0.425-2.00 Individual grains distinguished by eye

Fine grained 0.075-0425 Individual grains distinguished with difficulty
Very Fine gramned <0.075 Individual grains cannot be distinguished by unaided eye
Shape

Deseriptive Term Criteria

Angular Shows little wear: edges and corners are sharp

Subangular Shows definite effects of wear, edges and corners are slightly rounded off
Subrounded Shows considarable wear; edges and corners are roundad to smooth curves
Rounded Shows extreme wear; edges and comers are sinoother to broad curves
Well-rounded Completely worn; edges and comers are not present

Weathering / Alteration

Weathering is the physical disintegration of the minerals by atmospheric processes. Alteration is disintegration of the
minerals by geothermal processes.

Description Recognition

Residual Soil Original minerals of rock have been entirely decomposed to secondary minerals, and
original rock fabric is not apparent; material can be easily broken by hand

Completely Weathered / Altered Original minerals of rock have been almost entirely decomposed to secondary minerals,
although the original fabric may be intact; material can be granulated by hand

Highly Weathered / Altered Moaore than half of the rock is decomposed; rock 1s weakened so that a minimun 1-7/8 inch
diameter sample can be easily broken readily by hand across rock fabric

Moderately Weathered / Altered Rock is discolored and noticeably weakened, but less than half is decomposed; a minimum

1-7/8 inch diameter sample cannot be broken readily by hand across rock fabric
Slightly Weathered / Altered Rock is slightly discolored, but not noticeably lower in strength than fresh rock
Fresh Rock shows no discoloration, loss of strength, or other effect of weathering / alteration

Figure 6-16, SCDOT Soil Test Log Descriptors — Rock
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SCLOT Soil Test Lo g Descriptors

E Rock Strength

Provide a qualitative assessment of the rock strength using either a geologic hammer or kmfe.

Deseription - Approximately Uniaxial
g Recogrifion (_'.UIII)II;FSSSJ-VG Sfrcngh (psi)

Extremely Weak Rock Can be indented by thumbnail 35-150
Very Weak Rock Can be peeled by pocket knife 150 -700
Weak Rock Can be peeled with difficulty by pocket knife 700 -3.500
Medium Strong Rock Can be indented 3/16 inch with sharp end of pick 3,500 - 7,200
Strong Rock Requires one harmmer blow to facture 7,200 - 14,500
Very Strong Rock Requires many hamimer blows to fracture 14,500 - 35,000
Extremely Strong Rock Can only be chipped with hammer blows = 35,000

[ Strike and Dip

Dip of frachure surface measured relative to horizontal with bearing and direction (i.e. N30%down, ete.)

E Discontinuity Type Discontinuity Width (millimeters) Amount of Infilling
F .

- Fault W - Wide (12.5-50) Su - Surface Stain
I - Joint MW - Moderately Wide (2.5 -12.5) Sp - Spotty
Sh - Shear N - Namow (1.25-2.5) Pa - Partally Filled
Fo - Foliation VN - Very Narrow (< 1.25) Fi - Filled
Vo - Vein T - Tight (0) No - None
B - Bedding
m Type of Infilling Surface Shape of Joint Discontinuity Spacing (feet)
1 - Clay Wa - Wavy EW  Extremely Wide (> 65)
Ca - Calete Bl - Planar W Wide (22 - 65)
Ch - Chloride St - Stepped M Moderate (7.5 - 22)
Fe - Iron Oxide Ir - Trregular C Close (2-17.5)
Gy - Gypsum/Tale VO Very Close (< 2)
H - Healed
No - None Roughness of Surface
Py - Pymte Slk - Slickensided {surface has smooth, glassy finish with visual evidence of
Qz - Quartz striations)
Sd - Sand s - Smooth (surface appears smooth and feels so to the touch)
SR - Slightly Rough (asperities on the discontinuity surfaces are distinguishable and
can be felt)
R - Rough {some ndges and side-angle steps are evident; asperities are clearly
visible, and discontimuty surface feels very abrasive
VR - Very Rough {near-vertical steps and ridges oceur on the discontinuity surface)

Figure 6-17, SCDOT Soil Test Log Descriptors — Rock (con’t)
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SCDIT Manual Auger Log
Project ID: | 0041401-B01 | County: | Beaufort/Jasper | Boring No.: | MA-1
Site Description: | RBO New River | Route: SC170/46
Driller: | A. Bore | Boring Location: | 722+00 | Offset: 5ftLT | Alignment: | Mainline
Elev.: | 1500f | Latitude: | 343750 Longitude: | 81.0944 Date Started: 07M15/03
Total Depth: [5ft | Groundwater;: [TOB [ 5t [24hr |3t | Date Comleted: 07/16/03
Dynamic Cone Penetrometer Test Procedure: | Sowers and Hedges (1966) | | ASTM D6951 |
« - DCP N-Value
= o {blows / foot)
= 2| 8|2 g
E 5 = a = PL MC LL
- | & | B = Xemmemm0=mmmX
= L MATERIAL DESCRIPTION £ 8 = =
=
€ |8 £ @ 2 & A - % fines
= w o o £ [a]
2 3 E & |w 2B 1 2 3 4 6 6 T 8 98 1
o w » - ™ ™ 0 0 0 0 0 0 0o 0 0o 0

Soil Description
0E0ED@DEEmE
o 8 O e Y

Munsell = Munsell Ceolor Chart Designation
LL = Liquid Limit

PL = Plastic Limit

Pl = Plasticity Index

NMC = Natural Moisture Content

%#200 = Percent Passing #200 Sieve

Figure 6-18, SCDOT Manual Auger Log Template
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msml Test Log
Project ID] 0041401-B01 | County: | Lexington [ Boring No.:[B-1
Site Description: | gINT Example [Route: [ SC 160
Eng./Geo.:[ Alfred Boring [ Boring Location{ 100+50 | Offset: 30L __ [Alignment: | Mainline
Elev.: [351.0f | Latitude: | 34.0654 Longitude:  [80.2211 Date Started: 7/14/2006
Total Depth: [5575ft |[Soil Depth:  [33ft [Core Depth: [16.75ft | Date Completed: | 7/15/2006
Bore Hole Diameter {in): |4.5 | Sampler Configuration | Liner Required: | M N | Liner Used: [@ N
Drill Machine: |CME-750 Drill Method: | HSA/RC Hammer Type{ Automatic | Energy Ratio 85%
Core Size: [NQ Driller:  [T.Reid Groundwater:[TOB [75 [24HR [151t
@SPTNVALUE®
£ |g_ g l2s |28 3 B
$E | BE MATERIAL DESCRIPTION 88EREl EC (4 b & | 2
] e G |60 |82 2 ¢ 2| = A FINES CONTENT (%)
0.0 | Top of ground; flat and dry - 0o = 010 20 30 40 50 60 70 80 90
i | Loose, moist, reddish brown, Silty fine to 512 3 6 7 @A iO%— i b
] 1 medium SAND (SM) (A-2-4), 2.5YR5/4 A T R T A
1 30l LL=40, PL=30, PI=10, NMC=25, %200=14 Teje e R e Er: L
- H1LL=NP, PL=NP, PI=NP, NMC=18, sz |z 4 4 s | Smei—inc: & 3 & &
346.04 5_5-\%2{)0=1s : —
: Loose, moist, reddish brown, fine to ss4la 68 7 813 : :
ediurm SAND with Clay (SP-SG) (A-2-6), -
1 1 15YRS/4 b
4104 LL=35, PL=15, PI=20, NMC=17, %200=12 SS5 |4 7 9 10] 16 |X&
7 12071 Medium dense, moist, dark brown, fine to i
7 T} medium SAND with Silt (SP-SM) (A-2-4), 1
1 7.5YR4/4 i
3350: LL=8, PL=8, PI=0, NMC=25, %200=10 SS6 |3 ]
- LL=4, PL=4, PI=0, NMC=22, %200=8 o
T Medium dense, moist, dark brown, Silty fine b
. 1 to medium SAND (SM) (A-2-4), 7.5YR4/3 i
331 0: ] LL=18, PL=13, PI=4, NMC=37, %200=32 857 |5 il
- 1 LL=10, PL=10, PI=0, NMC=56, %200=15 [ f:|* i
1 220 2 bR A " |
J Medium dense, moist, verk dark grayish ,\:" ; _ _
] 7 brown, Clayey fine to medium SAND (SC) % 2357 i
3960 1 (a-8), 10YR3/2 558 | 7
o ] LL=40, PL=12, PI=28, NMC=42, %200=40 i i
1 27.0 =} ]
J | Hard, moist, very dark brown, Sandy fat _ _
@ ] T CLAY (CH) (A-7-6(13)), 10YR2/2 28.57 i
I a0l ] LL=67, PL=27, PI=40, NMC=12, %200=57 Se8 |8
5 1 320] ] i
@ J | Hard, moist, dark brown, Sandy SILT (ML) [} 1[] _
2 ] T (a-5c8)), 10YR3s2 1 i
%l a60] ] LL=45, PL=30, PI=15, NMC=14, %200=58 £5:10/12
w 1 370] i i
;. J | Hard, moist, reddish brown, elastic SILT _ _
H ] 7 with Sand (MH) (A-7-5(18)), 5YR6/3 38.5 ek s
<l 3110 4 LL=55, PL=35, PI=20, NMC=15, %200=72 d
= — — —
= 1 420 420 i
g i | LIMESTONE, tan, thickly bedded, hihgly to i 1
i | moderately weathered, weak rock, Sh, VN, | |
C 7 No, PI, M, SR, 10YR7/3 7 a1
o - | %REC=55 RQD=20, GSI=35, RMR=50, 10 . !
=) B minfft, qu=8,000psi 470 |
5 ] | %REC=75, RQD=30, GSI=35, RMR=60, 12 ] : R i
"_L minfft,_qu=3,000psi NQ-2 REC=75%: RQD=30%: <
2 LEGEND Continued Next Page
8 SAMFLER TYPE DRILLING METHOD
=] S5 - Split Spoon NQ - Rock Core, 1-7/8" HSA - Hollow Stem Auger W - Rotary Wash
a] UD - Undisturbed Sample CU - Cuttings CFA - Continuous Flight Augers RC - Rock Core
2| AWG - Rock Core, 1-1/8" CT - Continuous Tube DC - Driving Casing
Figure 6-19, Soil Test Log Example
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m Soil Test Log

AWG - Rock Core, 1-1/8"

CT - Continuous Tube

DC - Driving Casing

Project ID] 0041401-B01 | County: | Lexington [ Boring No.:[B-1
Site Description: | gINT Example [Route: [ SC 160
Eng./Geo.:[ Alfred Boring [ Boring Location{ 100+50 | Offset: 30L __ [Alignment: | Mainline
Elev.: [351.0f | Latitude: | 34.0654 Longitude:  [80.2211 Date Started: 7/14/2006
Total Depth: [5575ft |[Soil Depth:  [33ft [Core Depth: [16.75ft | Date Completed: | 7/15/2006
Bore Hole Diameter {in): |4.5 | Sampler Configuration | Liner Required: | M N | Liner Used: [@ N
Drill Machine: |CME-750 Drill Method: | HSA/RC Hammer Type{ Automatic | Energy Ratio 85%
Core Size: [NQ Driller:  [T.Reid Groundwater:[TOB [75 [24HR [151t
@SPTNVALUE®
g _ e lo. | o2 8 PL MC LL
= E=jp—. = oz | o= =
$E | BE MATERIAL DESCRIPTION 88EREl EC (4 b & | 2
k! o GT|B0T| B8 |S 2 2 2| = A FINES CONTENT (%)
u “l2 85 F 010 20 30 40 50 60 70 80 90
1 s20] 520 : Pl B E RN
] ] SILTSTONE, tan, thickly bedded, = ] - 1
moderately weathered, strong rock, Fo, x x 3 " R T S S
] 7 T.No, wa, W, R, 10YR7/2 X - NeE3 BES=iaM; RuB=r0rs 1
29609 5547 x x 3 g
] 38} %REC= 95, RQD=100, GSI=80, RMR=100, - !
1 1\oomint qu=12,000psi / ] i
] ] Boring Terminated at 55.75 feet ] i
291.04 - -
286.0 g g
281.04 g g
276.0 g g
f 271.0 . .
5 1 ] ] |
U 266.0 = =
:‘_ 261.04 - 2
z 4 J i i
ol 2se0d - .
f't’ 4 i . .
3 LEGEND
8 SAMPLER TYPE DRILLING METHOD
=] S5 - Split Spoon NQ - Rock Core, 1-7/8" HSA - Hollow Stem Auger W - Rotary Wash
a] UD - Undisturbed Sample CU - Cuttings CFA - Continuous Flight Augers RC - Rock Core

Figure 6-20, Soil Test Log Example (con’t)
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msml Test Log
Project ID] 0041401-B01 | County: | Lexington [ Boring No.:[MA-1
Site Description: | gINT Example [Route: [ SC 160
Eng./Geo.:[ Alfred Boring [ Boring Location{ 100+50 | Offset: 30R__ [Alignment: | Mainline
Elev.: [351.0f | Latitude: | 34.0654 Longitude:  [80.2211 Date Started: 7/16/2006
Total Depth: [85ft  [Soil Depth: [8ft [Core Depth: [ ft Date Completed: | 7/16/2006
Bore Hole Diameter {in): |4 |Samp|er Configuration |Liner Required: | Y N |Liner Used: [ Y N
Drill Machine: | Drill Method: [HA Hammer Type | Energy Ratio]
Core Size: | Driller:  [T.Reid Groundwater:| TOB [NE [24HR [4tt
@SPTNVALUE®
5 |s_ g lee |28 F s X
g | g€ MATERIAL DESCRIPTION 88EREl EC (4 b & | 2
k! o &5 |80 82 o o £ A FINES CONTENT (%)
w =Z|® £ E £| £
0.0 — o &= 010 20 30 40 50 60 70 80 90
Loose, moist, reddish brown Silty fine to MR- EEEE
medium SAND (SM) (A-2-4), 2.5YR5/4 DeP112 5 7 &
LL=40, PL=30, PI=10, NMC=10, %200=14
LL=40, PL=30, PI=10, NMC=28, %200=17 PEF2( 1 * 8 u
LL=0, PL=0, PI=0, NMC=28, %200=19 DEFR( 2 % 8 g
25 | LL=0, PL=0, PI=0, NMC=17, %200=15 P2 e & | &
Loose, moist, reddish brown, fine to
medium SAND with Clay (SP-SC) (A-2-6),
1 {¥svrsu .
LL=35, PL=15, PI= 20, NMC=21, %200=11 DCP5(2 5 9 7
346.0 g
55 | LL=35, PL=15, PI= 20, NMC=18, %200=12 BsPelE B 12 | A
o Loose, moist, dark, brown, fine to medium
3 SAND with Silt (SP-SM)
g LL=8, PL=8, PI=0, NMC=22, %200=9 sl R
g LL=8, PL=8, PI=0, NMC=24, %200=12 DEFSIL 218 | M
g
5 ] _ 4
g DCP9|5 9 21 15
5 g5 | LL=4, PL=4, PI=0, NMC=25, %200=8 i
@) Manual Auger Terminated at 8.5 feet
2
!
=
8 LEGEND
8 SAMPLER TYPE DRILLING METHOD
=] S5 - Split Spoon NQ - Rock Core, 1-7/8" HSA - Hollow Stem Auger RW - Rotary Wash
a] UD - Undisturbed Sample CU - Cuttings CFA - Continuous Flight Augers RC - Rock Core
2| AWG - Rock Core, 1-1/8" CT - Continuous Tube DC - Driving Casing

Figure 6-21, Manual Auger Log Example
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m Soil Test Log

Project ID:] 0041401-B01 | County: | Lexington [ Boring No.:[B-1FV
Site Description: | gINT Example [Route: [ SC 160
Eng./Geo.:[ Alfred Boring [ Boring Location{ 100+50 | Offset: 25L __ [Alignment: | Mainline
Elev.: [351.0f | Latitude: | 34.0654 Longitude:  [80.2211 Date Started: 7/17/2006
Total Depth: [315ft [Soil Depth: [35ft [Core Depth: [ ft Date Completed: | 7/17/2006
Bore Hole Diameter {in): |4.5 | Sampler Configuration | Liner Required: | Y N | Liner Used: [ Y N
Drill Machine: |CME-750 | Drill Method: |HSA Hammer Type | Energy Ratio]
Core Size: | Driller:  [T.Reid Groundwater:[TOB [75 [24HR [151t
@ SPTNVALUE®
5 o |eo ol ,, PL MC LL
2 5 2 olBs. ] £ E] ——e—xX
$E | BE MATERIAL DESCRIPTION 58| 2ge| e€ R N
» o 571807 82| 2 s 2| = A FINES CONTENT (%)
i 0.0 ‘|l &8 % 3 010 20 30 40 50 60 70 80 890
346'0: 1 see soil Test Boring B-1 for soils ] i
o X _ l
341.0 - -
336.0- N, 4 -
1 ] 18.0] I
~ 1 (SL)DCDl=5DO m" = et -
331.0 H (Su)en=100psf .
326.04 B B
? 321.0: : : .
= i | 31.0 1l
5 1 *"3T (801,600 psf 2 i
£ 4 -\(S..),,.nzzﬁopsf / . .
‘_’ 316_0: : Boring Terminated at 31.5 feet : il
:‘_ 311.04 - -
X 4 i 4 i
5 sos04 - .
: " =} =} .
2 LEGEND
8 SAMPLER TYPE BRILLING METHOD
=] S5 - Split Spoon NQ - Rock Core, 1-7/8" HSA - Hollow Stem Auger RW - Rotary Wash
a] UD - Undisturbed Sample CU - Cuttings CFA - Continuous Flight Augers RC - Rock Core
2| AWG - Rock Core, 1-1/8" CT - Continuous Tube DC - Driving Casing

Figure 6-22, Field Vane Shear Testing Log Example
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msml Test Log
Project ID] 0041401-B01 | County: | Lexington [ Boring No.:[B-1U
Site Description: | gINT Example [Route: [ SC 160
Eng./Geo.:[ Alfred Boring [ Boring Location| 100+55 | Offset: 30L___ [Alignment: | Mainline
Elev.: [351.0f | Latitude: | 34.0654 Longitude:  [80.2211 Date Started: 7/16/2006
Total Depth: [34ft [ Soil Depth:  [351t [Core Depth: [ ft Date Completed: | 7/16/2006
Bore Hole Diameter {in): |4.5 | Sampler Configuration | Liner Required: | Y N | Liner Used: [ Y N
Drill Machine: |CME-750 | Drill Method: |HSA Hammer Type | Energy Ratio]
Core Size: | Driller:  [T.Reid Groundwater:[TOB [75 [24HR [151t
@ SPTNVALUE®
s o |e 08 " PL MC LL
se | g€ MATERIAL DESCRIPTION EBIERE| E€ |4 b 1w »| S
» o 571807 82| 2 s 2| = A FINES CONTENT (%)
i 0.0 ‘|l &8 % 3 010 20 30 40 50 60 70 80 890
346.0 - -
o X _ l
341.0 - -
336.0- N, 4 -
33101 ] ] . . 200 ] ]
J _| See Soil Test Boring Log B-1 for Soils 4 up-1 i
N ] REC=100% l
326.04 B B
f 321.04 - -
3 ] i 32.0 1
o J _| See Soil Test Boring Log B-1 for Soils 4 up-2 _
5 +{ 3401 REC=100% / )
3 316'0: ] Boring Terminated at 34 feet. ] ]
:‘_ 311.04 - g
z 4 J i i
5 sos04 - .
: " =} =} .
2 LEGEND
8 SAMPLER TYPE BRILLING METHOD
=] S5 - Split Spoon NQ - Rock Core, 1-7/8" HSA - Hollow Stem Auger W - Rotary Wash
a] UD - Undisturbed Sample CU - Cuttings CFA - Continuous Flight Augers RC - Rock Core
2| AWG - Rock Core, 1-1/8" CT - Continuous Tube DC - Driving Casing

Figure 6-23, Undisturbed Sampling Log Example
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Electro-Piezocone Sounding Record Example

Figure 6-24,
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Dilatometer Sounding Record Example

Figure 6-25,
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SCICOT
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Figure 6-26, Shear and Compression Wave Velocity Profile vs. Depth
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Shear Wave Velocity Calculation
Project ID: 36261 |County: | 16 - Darlington Sounding ID:  §STB-3
Project D escrip.: RBO High Hill Creek Route: us 401
Geopone Offset: ] feet Elevation: 163 | feet [JHAVD 88
Casing Stickup: 1 feet Date: 9/24/2015
Source Offset: 6 feet Eng. Firm: Any Firm
poorel Bt I NV 00
(feet] ifeet] [ftfs) 11t,s) Ratio,

] 159 337.1 31764 0.494

7 156 417.7 45406 0.496

10 153 4268 72981 0,498

12 150 4663 a7476 0.4

16 147 5138 £7654 0.498

19 144 3610 E975E 049

22 141 B24.4 £3120 0.497

25 138 657 £359.8 0.4396

8 135 584.5 £394.1 0.498

21 132 553.1 £4200 0.498

34 129 B46.0 77744 0.497

37 126 1082 4 67580 0.487

40 123 18054 59231 0449

43 120 1235F 58353 0477

46 117 1504 8 hE41.2 0454

449 114 1506.0 44520 0.435

52 111 1746.5 61885 0.457

55 108 11522 E440.6 0.491

58 105 11985 5E45.5 0476

61 102 vz 42468 0482

B4 aq 1278 43510 0.453

57 4k 1064.5 4278 0.486

il a3 1064 .9 43033 0.493

73 an 1065.2 78452 0.491

76 &7 £346 72887 0493

79 E4 11885 3946.2 0,450

&2 g1 10852 3740 0.455

£5 78 11830 58754 0474

£E 75 1157.1 BBBE.2 0.484

91 T 12741 e 0481

94 ¥ 1136 BEOL5 0485

a7 66 10087 55128 0.483

100 £32 az7e 40283 0472

103 £0 a4z.7 4209.7 0474

106 57 9438 63649.5 .48

109 54 11975 5100.7 0.471

112 51 1834 1 7029. 0.453

lefl
Figure 6-27, Shear and Compression Wave Velocity Profile Table
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SUMMARY OF LABORATORY RESULTS

PROJECT ID _0041401-801 PROJECT NAME _gINT Example -
B PROJECT COUNTY _Lexington -
- . - Maximum | o < ~ Water Dry Satur- ]
swwroe | o | | R ey ST GnP G e ol W N
B-1 0.0 40 30 10 4.75 14 SM | 250 ]
B-1 1.5 NP NP NP | 475 16 | SM 18.0 [
B-1 50 | 35 15 | 20 | 475 | 12 | SP-SC| 170 | |
B-1 7.5 8 8 ’ NP | 95 10 | sPsM 250 | 767
B-1 00 | 4 | 4 | NP 475 | 8 | sP-sM | 220 | 101.2
B-1 15.0 | 16 | 13 3 | 475 | 15 | sM | 37.0 I
B-1 20.0 10 | 10 NP | 475 | 15 | SM | 560 |
B-1 25.0 40 12 28 2.36 40 sC | 420 | 816 | B
B-1 30.0 67 27 40 2.36 57 CH | 120 ;
B | 350 45 | 30 16 | 118 | S8 | ML | 140 | I
B-1 | 400 55 35 | 20 1.18 72 MH 15.0 |
MA2 | 00 | 40 30 | 10 | 475 | 14 | SM | 100 |
MA-2 1.5 | 40 30 | 10 | 475 17 sM | 280 o |
MA-2 25 | NP NP | NP | 475 19 SM_ | 26.0
MA-2 30 [ NP NP NP | 475 15 SM 17.0 1
MA-2 4.0 3 | 15 20 4.75 11 | SP-SC | 21.0 ]
MA-2 5.0 3 | 15 20 | 475 | 12 | sP-sC | 180 IS
| MA2 | 65 | 8 | 8 NE S [SPSM| 220 |
MA-2 7.5 8 | 8 NP_| 475 | 12 |SPSM| 240 | 1
MA2 | 80 4 | 4 NP 8 | SP-SM| 250

LAB SUMMARY SCDOT_GINT_EXAMPLEA GPJ GINT STD US LAB GDT 1/2815

Figure 6-28, Summary of Laboratory Testing Results
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INDEX PROPERTIES VERSUS DEPTH—‘
PROJECTID 0041401801 PROJECT NAME _gINT Example -
- __ PROJECTCOUNTY Lexington S —
SURFACE ELEVATION: 351.0 BORING B-1
i — *—._x A — —— S — =
x e
5| fxe
~
X * “e
10 = x .
.
\ \\\
15 Tk LN
_ 20 SR b
& 4
£ I
25| b o
30| [ b ——————a
|
H 35 ° XT———a *
g
2
e 40 ® D A %
E .
@2
g
=
g 45 : _ — S —
z 0 20 40 60 80 100
EI - Property Value, %
3 _ LEGEND
@ Water Content
® \X Plastic Limit
£ X Plastic Limit
g 'a Liquid Limit
g * Fines
Figure 6-29, Index Properties versus Depth
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ATTERBERG LIMITS' RESULTS
PROJECT ID _0041401-B01 - PROJECT NAME gINT Example o R
B PROJECT COUNTY Lexington
60 T
L H,
50 e ———
[=]
L
A
S 40
s
|
c | |
| | |
T 30 —_— 1 S - I S N -___5___" ——
Y [
I
N
No20
E
x
10
CL-ML
N .
U SEP— ' ’ ’
0 20 40 60 80 100
LIQUID LIMIT
BOREHOLE DEPTH| LL PL PI Fmes Classification
® B-1 00/ 40 30 10 14 Reddish brown Silty f to m SAND
T B-1 15| NP NP NP 16 Reddish brown Silty f to m SAND
A B 50 35 15 20  12|Reddish brown f to m SAND with Clay
* B-1 75/ 8 8 NP 10 Dark brown f to m SAND with Silt
2 B 10.0 4 4 NP 8 | Dark brown f to m SAND with Silt
< B 150 16 13 3 15! Dark brown Silty f to m SAND
o[ B-1 20.0 10 10 NP 15 Dark brown Silty f to m SAND
8. B 250 40 12 28 40 Very dark grayish brown Clayey SAND
8le B 300 67 27 40| 57 Verydark brown Sandy fat CLAY
2 /B4 350 45 30 15 58 Dark brown Sandy SILT
;‘_E: C 40.0 55| 35 20 72 Reddish brown elastic SILT wsth Sand
: ] | | | < He: .
@ 00 40 30 10 14 Reddish brown Silty f to m SAND
HE 1.5 40 30 10| 17 Reddish brown Silty f to m SAND
E 25 NP NP NP 19 Reddish brown Silty f to m SAND
£l MA-2 30 NP NP NP 15 Reddish brown Silty f to m SAND
g' u MA-2 40 35 15 20 11/ Reddish brown fto m SAND with Clay -
e MA-2 50/ 35 15 20 12 Reddish brown f to m SAND with Clay
(o mA-2 6.5 { 8 8 NP 9 Darkbrown ftom SAND with Silt
1% MA-2 75/ 8 8 NP 12 Dark brown fto m SAND with Silt
c|® MA-2 80, 4 4 NP 8 Darkbrown ftom SAND with Silt

Figure 6-30, Moisture-Plasticity Relationship Testing Results
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GRAIN SIZE DISTRIBUTION
PROJECTID 0041401-B01 PROJECT NAME gINT Example e R
- PROJECT COUNTY _Lexington )
U.S. SIEVE OPENING IN INCHES U.S. SIEVE NUMBERS - HYDROMETER
§ 4 3 215 134 123 6 810 1416 20 30 40 50 60 100140200
100 i TT] - ] T 1] :
9511 |! I i .
L
gof - A
i ]
85 '
80— i
| | | l
75 1 S -
| AN |
?0 : : 1 - S
- 65 T l ._____._'_i_,__.., 1
£ .
2 60 | 1 1
H ! |
> 55 T T
§ sol Il N |
= | [ [T1 | |
e f
= 45 T
= |
w |
g 4o i .
w | |
= 35} i ! Uil i'! l
| | |
| ! il L
30_i_._._- !..i i e —
25—
20| |
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2| BOREHOLE  DEPTH - Classification i | LL PL | Pl Cc | Cu
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z|x| B 15 Reddish brown Silty ftom SAND NP NP | NP
z(a| B 50 | Reddish brown f to m SAND with Clay 3 15 20 058 6.01
g|* B 7.5 Dark brown f to m SAND with Silt . 8 8 NP [086 1031
Ho B4 100 _ DarkbrownftomSANDwithSilt | 4 4 | NP 094574
| BOREHOLE  DEPTH D100 D60 | D30 | D10 | %Gravel %Sand %Silt | %Clay
5l B 00 475 0539  0.121 | 00 86.0 14.0
8|z B 15 475 | 0.506 0.133 | 00 | 80 | = 160
Zla B4 50 475 0424 0132 B 0.0 80 | 120
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glo B 10.0 | 475 0.495 0.2 0.086 0.0 92.0 8.0
Figure 6-31, Grain-Size Analysis Results
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MOISTURE-DENSITY RELATIONSHIP
PROJECT ID _0041401-801 PROJECT NAME _gINT Example e
PROJECT COUNTY _Lexington
135] I I A
| I...:..I.._JI_._".___
130
=+
125 :
- ! Source of Material B-15.0
i l - Description of Material Reddish brown f to m SAND with
120_ EEEE . Clay
L . Test Method ASTM D1557 Method A
L] AN
! R
-
115
e
| S TEST RESULTS
TTINY \ Maximum Dry Density _120.8 PCF
110 |‘ ! ! o \ Optimum Water Content __11.7 %
= 1 i
& T T T T T T 11 i ATTERBERG LIMITS
Z 105 i
u | b
z L I I LL PL Pl
& | - 35 15 20
100+ [
[ — Curves of 100% Saturation
- for Specific Gravity Equal to:
7
- i 1 2.80
. : !
95 T _ 2.70
E N | VA
g N N 2.60
= 1 |
2 [T 111 L
g [ [ [ T] ]
N A
O mm
z 1 ; ! [ -
e ; N
el SO T RN T T T T T T TN INEN
5 I B _,]l | i | i SN
g + T — — ‘| - ‘. - I . I T — E \._“\_\_‘i
5§ 75 i i ] LT EEEENEEERN
H 0 5 10 15 20 25 30 35 40 45
3 WATER CONTENT, %

Figure 6-32, Moisture-Density Relationship Testing Results
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Project ID: 36261 |County: | 16 - Darlington BoringNo:  |B-8U
Project Descrip.: RBO Jefferies Creek |Route: us 401
UD Sample No.: ST Depth: I 8.0'-10.0°
Date Sampled: 5/25/2016 Date Extracted: | 7/14/2016
Extracted By: Z. Bore I Eng. Firm: | Any Firm

o Top of Shelby Tube

o | ————

i Wax & Fill Dirt (7")

Moist, brown to light brown, Silty fine to medium

SAND (SM) with trace of aggregate
ST-1.A

No trace of aggregate

14" | - ——

ST-1.B

18" ¢ e e

Brown to dark brown

20" | - ———

22" m——

W 1II
T e ax (1")

26"

28" ————

30" ———

T S

34" ————

- (- —

Bottom of Shelby Tube

Figure 6-33, Shelby Tube Log Example
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Project ID: 36261 |county: | 16 - Darlington Boring No: | B-su
Site Description: RBO Jefferies Creek |Route: us 401
UD Sample No.: ST-1 |Depth: | 8.0' -10.0'
Date Sampled: 42515 | Date Extracted: | 42565
Extracted By: Z. Bore | Eng. Firm: | Any Firm

Specimen No.

Specimen No.

Figure 6-34, Shelby Tube Log Photograph Example
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Project ID: 36261 |[county: | 16 - Darlington BoringNo: | B.-9U
Site Description: RBO Jefferies Creek |Route: Us 401
UD Sample No.: ST Depth: | 8.0'-10.0'
Date Sampled. 42515 Date Extracted: | 42565
Extracted By: Z. Bore | Eng. Firm: | Any Firm

Specimen No.

Specimen No.

Figure 6-35, Shelby Tube Log Photograph Example
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CONSOLIDATION TEST
PROJECT ID _0041401-B01 PROJECT NAME _gINT Example
- PROJECT COUNTY _Lexington —
I - |
| e S 1
1 ! g — — B e S
[ S ] | |
| T
2'____ S ' = S|
3 | I I_
4 | | I
: | : |
5 ——

\ N
= 6- S — 1 - : 1 } |
z | -
2 ' « |
b 7 — _ _ BN I W S |

. |
8 ———r + i —1
| N\, | | |
10 ® e :
| mR
. | |
1M1 — g —
i) \..\R""\-..
é; 12;,_... —— - I ....._.':'.‘-.~.._.__ I
| I | e BEE
2 13 [ | R 1 L 1]
2 100 1,000 10,000
o STRESS, psf
5
&
i
3 BOREHOLE  DEPTH Classification % [ MC%
‘g' ® B-1 25.0 Very dark grayish brown Clayey SAND 82 36
=]
2 Y SN S
z _
—
]

Figure 6-36,

Consolidation Testing Results
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UNCONFINED COMPRESSION TEST
PROJECT ID 0041401-B01 ______ PROJECT NAME gINT Example o
e _ PROJECTCOUNTY lexingten
5,500 — T T T T
| !
5,000 ..7i_..___. . 1 S S — 1 . /.
' ! | | T
| | | - "".-".. |
4,500 L 4 1 L — — B B — e
| -
4‘000 —— l - .?;.’_. - —— — S S —
| | _/"". |
| ’/__/ |
7 | !
3,500 — —— —— . —
| './' ;
. . e ;
z 3,000/ — < ———
am,)' '/. |
] .
x |/
» 250t — S 1 S S S S EE—
|
| |
2.000 — + ——————— S U |
|
1,500i s . — — —
1 .OOD e — —_—l — ! — _I — — -
- 500 — — WIS S— — ]I_ — e — e
H / i
& /
8 og | | _ S SN IR SR SN S N
g 0 0.4 0.8 1.2 16 2. 2.4 2.8
a
& STRAIN, %
E
g
& ; e S S
g | BOREHOLE _ DEPTH ____ Classification % | MC%
2 ®/B1 75 Dark brown f to m SAND with Sit LA
: I - S |
I I A o Il
_% Ll _ ._ I |
5

Figure 6-37, Unconfined Compression Testing Results
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DIRECT SHEAR TEST
PROJECT ID _0041401-B01 PROJECT NAME _gINT Example
- ... PROJECTCOUNTY lLexington R _
2I500__..._. ——— 1
| |
i
I
2,000——— - e e
= .
= |
2 | |
2 |
o 1 ,500 — f—— ——— ——— — +
=
w
['4
<
w
s
7] |
; e
‘[IOOO._—_. _1.. — SR — i m— — —
- ! i
; e |
500 — — — .’ ——
o
: o | -
3 0 500 1000 1,500 2,000 2500 3,000
=
E NORMAL PRESSURE, psf
B
2
5| | BOREHOLE  DEPTH ~ Classification - % (MC% | ¢ | ¢
2 el B4 10.0 Dark brown f to m SAND with Silt 101 20 03 20
s ¢B1 100 _Darkbrown ftom SAND with Sitt ’
sl _ _— R
g
g

Figure 6-38, Direct Shear Testing Results
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TRIAXIAL SHEAR TEST REPORT

( ASTM D 4767 )

01-05-18LEXUS401

Project No : 1463-16-004A Route : UsS-76 Review Date : 777416
Site Description: : US 76 Lynches Bridge R.  |Sample Date : 04/04/16 Reviewed By: 4 Boring
Sample ID : TX-7 BS-2 Depth. : 1-5 feet - Performed By : T Reid
Client : SCDOT Sample Type : BULK - 2 Test Date : 040516
Soil Description : dark grayish br. & strong br., CLAYEY SAND (SC, A-6), 10YR 3/1 Specific Gravity, Gs:  2.71
Liguid Limit, %: 25 |PI, % : 12 Fines, % : 40
SPECIMEN PROPERTIES TEST PARAMETERS , TEST TYPE CU/PP
INITIAL AFTER CONSOLIDATION |SPECIMEN NO. 1 s 3
SPECIMEN NO. 1 2 3 1 2 3 |BValue 096 | 095 | 095
DIAMETER, INCHES | D, | 280 | 281 | 2.81 D. | 279 | 279 | 279 |BACK PRESSURE, ksf U, | 71438 | 13.10 | 13.24
HEIGHT , INCHES Hy, | 603 | 602 | 603 H, 6.01 | 6.00 599 |CONFINING PRESSURE , ksf O3 187 | 262 | 346
WATER CONTENT, %| W, | 707 | 706 | 106 | W, | 157 | 156 153 |FAILURE DEVIATOR STRESS, k§G1-03| 3.78 | 4.25 | 4.67
DRY DENSITY, PCF | Yaryo | 1174 | 1174 | 1175 | Varye | 7787 | 1189 1195 |ULT. DEVIATOR STRESS , ksf |G4-G3| 3.78 | 425 | 467
SATURATION ,% S, 66 65 65 S, 100 | 100 100 |STRAIN AT FAILURE € |15.0%| 15.0% | 15.0%
VOID RATIO e, | 044 | 044 | 0.44 e, | 042 | 042 | 042 |Specimen Shape @ Failure: See attached
Strain: 0.012% per minute T50, Minutes = 2
|FAILURE CRITERIA | 2|ut Deviator Stress
SHEAR TOTAL EFFECTIVE
STRENGTH COHESION, C (ksf): 1.096 APPARENT COHESION , C' (ksf): 0.950
PARAMETERS ANGLE OF INTER. FRICTION, ¢ : 12.7° ANGLE OF INTER. FRICTION, &' : 17.7°
4
MOHR DIAGRAM TOTAL STRESSES
—=w= EFFECTIVE STRESSES
%
4
0
7]
i}
4
'—
(7}
[+ 4
i
o
7]
é 1|0 1I1 12
10
9 STRESS-STRAIN-C 'FélFE il R =
iL S ST I il tndiale s il SEERIMEN2
4 7 B S O PR SO P Lt o == o =SPECIMEN 3
R o e e e e e e e e e === e £ 5 specinen
E i -:;“ . o 'm_—_gﬁ !-_=- --‘ 3 = = —— ==y PP (ps)), spec{men?
x 3y Y LR [T, YYPYY FYPYYY PPTYYS Do I PP (ps), specimen 3
(o] = c
E 2 i .........
> 1
w ' f
oo
0% 2% 4% 6% 8% 10% 12% 14%
STRAIN
Figure 6-39, Triaxial Shear Testing Results
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SCICOT

Rock Coring Summary

Project ID: Project Name:
Preject County:
Core Run Secant Unit RMIR
Core Run . REC RGD Oy Poisson's _'
Borehole N ity Top %] (%) (osi] i Modulus | Weight 25
v Depth (ft] pa ! (ks (pef)
Page 1nf1

Figure 6-41, Rock Coring Summary

January 2019

6-63



Geotechnical Design Manual

MATERIAL DESCRIPTION, CLASSIFICATION, AND LOGGING

SC-823 BRO little River  [Diameter, in.: 1.09 Date: |5/1072016
[project no.: 1461-15-030 JLength, in.: 4.49 Testedby:  [axe
IBoring 1d: B-7 Unit Weight, pcf: 189.5 Jreviewed by: iza
Sample No.: Run 1 |Muisture Content, %: 0.1
|Depth {ft): 22.9-236 JLoad Rate, psifsec: |70
T — Strain(10°) Load Compressive stress 59'33“1-:"10(1'-"“5 Poisson's Remarks
axial radial {Ib} {psi) x107 {psi} Ratio Failure
18 4] 4] 4] 0 0.00 0.00
2 -50 12 2,000 643 12 86 0.24
3 -94 27 4,000 1,286 1368 0.29
4 -146 39 6,000 1,929 13.21 0.27
5 -198 54 8,000 2,572 12.99 0.27
6 -253 68 10,000 3,215 12.71 0.27
7 -302 82 12,000 3,859 12.78 0.27
B -355 97 14,000 4,502 12.68 0.27
9 -404 113 16,000 5,145 12.73 0.28
10 -462 130 18,000 5,788 12.53 0.28
11 -513 145 20,000 6,431 12.54 0.28
12 -569 161 22,000 7074 12.43 0.28
13 -623 179 24000 7717 12.39 0.29
14 -679 196 26,000 8,360 1231 0.29
15 -732 212 28,000 9,003 12.30 0.29
16 -790 231 30,000 9,646 12.21 0.29
17 -849 249 32,000 10,289 12.12 0.29
18 -061 287 36,000 11,576 12.05 0.30
19 -1,078 324 40,000 12,862 11.93 0.30
20 -1,197 366 44,000 14,148 1182 0.31
21 -1,321 410 48,000 15,434 11.68 0.31
22 -1,443 459 52,000 16,720 11.59 0.32
23 -1,577 513 56,000 18,006 1142 0.33
24 -1,710 571 60,000 19,293 11.28 0.33
25 -1,843 638 64,000 20,579 11.17 0.35
28 -1,989 714 68,000 21,865 10.99 0.36
29 -2,131 801 72,000 23,151 10.86 0.38
a0 23,287 a0e 76,000 24,437 10.69 0.40
31 -2,457 1,048 280,000 25,724 10.47 0.43
32 -2,627 1,221 84,000 27,010 10.28 0.46
33 -2,829 1,541 88,000 28,296 10.00 0.54
34 39é3ﬂ Zw Failure

Figure 6-42, Rock Core Testing Results
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CHAPTER 7
GEOMECHANICS

7.1 INTRODUCTION

This Chapter presents the geotechnical design philosophy of SCDOT. This philosophy includes
the approach to the geotechnical investigations of the project and the correlations that link the
field and laboratory work that precedes this Chapter to the engineering analysis that is
subsequent to this Chapter. The approach to the geotechnical investigation of transportation
projects entails the use of preliminary and final explorations and reports. The development of
an understanding of the regional and local geological environment and the effect of seismicity
on the project is required. The geotechnical approach provided in this Chapter is not meant to
be the only approach, but a representative approach of the thought process expected to be
used on SCDOT projects. The GEOR shall develop a design approach that reflects both the
requirements of this Manual as well as a good standard-of-practice. While there is some
flexibility in the approach to the design process, the correlations provided in this Chapter shall
be used unless written permission is obtained in advance. All requests for changes shall be
submitted to the PCS/GDS for review and approval. These correlations were adopted after a
review of the geotechnical state-of-practice within the United States and the experience of
SCDOT.

7.2 GEOTECHNICAL DESIGN APPROACH

Geotechnical engineering requires the use of science, art, and economics to perform analyses
and designs that are suitable for the public use. The science of geotechnical engineering
consists of using the appropriate theories to interpret field data; develop geologic profiles; select
foundation types; perform analyses; develop designs, plans and specifications; construction
monitoring; maintenance; etc.

The art of geotechnical engineering is far more esoteric and relies on the judgment and
experience of the engineer. This is accomplished by knowing the applicability and limitations of
the geotechnical analytical theories and assessing the uncertainties associated with soll
properties, design methodologies, and the resulting impact on structural performance. The
engineer is required to evaluate the design or analysis and decide if it is “reasonable” and
whether it will meet the performance expectations that have been established. Reasonableness
is a subjective term that depends on the engineer’s experience, both in design and construction.
If the solution does not appear reasonable, the engineer should make the appropriate changes
to develop a reasonable solution. In addition, the engineer should document why the first
solution was not reasonable and why the second solution is reasonable. This documentation is
an important part of the development of the design approach. If the solution appears
reasonable, then the design proceeds to the economics of geotechnical engineering.

The economics of geotechnical engineering assesses the effectiveness of the solution from a
cost perspective. Sometimes geotechnical engineers get caught up in the science and art of
geotechnical engineering and do not evaluate other non-geotechnical solutions that may be cost
effective both in design and construction. For example, alternate alignments could be explored
to avoid poor soils, decreasing vertical alignment to reduce surface loads, placing alternate
designs on the plans to facilitate competitive bidding, etc. The science, art, and economics are
not sequential facets of geotechnical engineering but are very often intermixed throughout the
design process.
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7.3 GEOTECHNICAL ENGINEERING QUALITY CONTROL

A formal internal geotechnical engineering Quality Control plan shall be established for all
phases of the geotechnical engineering process and shall be made available to SCDOT upon
request. The first-line geotechnical engineer is expected to perform analyses with due diligence
and a self-prescribed set of checks and balances. The geotechnical Quality Control plan should
include milestones in the project development where analysis, recommendations, etc. are
reviewed. The review shall be conducted by at least 1 other geotechnical engineer of equal
experience or higher seniority. Formal documentation of the Quality Control process shall be
detectable upon review of geotechnical calculations, reports, etc. All engineering work shall be
performed under the direct supervision of a Professional Engineer (P.E.) licensed by the South
Carolina State Board of Registration for Professional Engineers and Surveyors in accordance
with Chapter 22 of Title 40 of the 1976 Code of Laws of South Carolina, latest amendment.

7.4 DEVELOPMENT OF SUBSURFACE PROFILES

The SCDOT geotechnical field exploration process indicated in Chapter 4, allows for a
preliminary and a final geotechnical exploration program for all projects. The primary purpose of
the preliminary exploration is to provide a first glance at the project, while the final exploration is
to provide all of the necessary geotechnical information to complete the final design.

It is incumbent upon the GEOR to understand the geology of the project site and determine the
potential effects of the geology on the project. The GEOR should also have knowledge of the
regional geology that should be used in the development of the exploration program for the
project. In addition to the geologic environment, the GEOR shall be aware of the seismic
environment (see Chapters 11 and 12). The GEOR is also required to know and understand
the impacts of the design earthquake event on the subsurface conditions at the project site (see
Chapters 13 and 14 for the impacts and designs, respectively). The geologic formation and local
seismicity may have a bearing on the selection of the foundation type and potential capacity.
For example, for driven piles bearing in the Cooper Marl formation of the Charleston area,
prestressed concrete piles should penetrate the formation approximately 5 feet, with most of the
capacity being developed by steel H-pile extensions, penetrating into the Marl.

The GEOR shall develop a subsurface profile for both the preliminary and final geotechnical
subsurface explorations. The subsurface profile developed shall take into consideration the site
variability as indicated in Section 7.5. The profile should account for all available data and is
normally depicted along the longitudinal axis of the structure or roadway. The bridge profile shall
extend from 100 feet from either end of the bridge, inclusively. However, in some cases, cross-
sectional subsurface profiles transverse to the axis of the structure or roadway may be required
to determine if a formation is varying (i.e., sloping bearing strata) along the transverse axis.

7.5 SITE VARIABILITY

Keeping in mind the geologic framework of the site, the GEOR shall evaluate the site variability
(SV) or site uniformity. The SV is used in determining the resistance factor, ¢, and the required
amount of load testing for deep foundations (see Chapter 9). A site with “Low” SV is more
uniform than a site with “High” SV. A “High” SV shall not be allowed except with review and
approval by the PC/GDS. All “High” variability, unless previously approved, sites shall be
subdivided into smaller “sites” such that the SV is either “Low” or “Medium”. All “sites” shall be
geologically continuous (i.e., shall contain similar soils). The SV shall be determined using
energy corrected SPT N-values (Ngo) (see Section 7.8.1.6 and Equation 7-6), or the corrected
tip resistance (q;) from the CPT or the RQD for rock cores. Other site factors such as undrained
shear strength, etc., may be used to determine the SV, only with the prior written permission of
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the PC/GDS. The Coefficient of Variation (COV) shall be determined on the bearing stratum at
each testing location using the following equation.

cov = Equation 7-1

RIS

Where,
o = Standard deviation

X = Mean (average) value

The o and x shall be determined using statistical equations that are generally recognized. An

average COV ( COV ) shall be developed based on the results of the individual test location
COVs. The COV shall be used to determine the SV using Table 7-1.

Table 7-1, Site Variability Defined By COV

Site Variability (SV) ‘cov

Low < 25%
Medium 25% < COV < 40%

High 40% <

7.6 PRELIMINARY GEOTECHNICAL SUBSURFACE EXPLORATION

Prior to the commencement of the preliminary exploration, the GEOR shall visit the site and
conduct a GeoScoping. The GeoScoping consists of the observation of the project site to
identify areas that may impact the project from the geotechnical perspective. These areas shall
be selected for exploration during the preliminary exploration if the site is located within the
existing SCDOT ROW. If the areas of concern are located outside of the existing SCDOT
ROW, then these areas shall be investigated as early as possible in the project development
process. For projects conducted by SCDOT, the results of the GeoScoping shall be reported on
the appropriate forms (see Appendix A). For non-in-house projects, the GEC shall use the form
developed and approved by the GEC firm. The form shall be included in the Appendix to the
preliminary geotechnical report. An engineering professional with experience in observing and
reviewing sites for potential geotechnical concerns shall be responsible for conducting the
GeoScoping.

The preliminary exploration requirements are detailed in Chapter 4, while the contents of the
preliminary geotechnical report are detailed in Chapter 21. The primary purpose of the
preliminary exploration is to provide an initial assessment of the project. Typically, there will be
few project details available prior to conducting the preliminary exploration; however, the most
important details that will be known are what type of project it is (i.e., bridge replacement, new
road, intersection improvement, etc.) and where the project is located. In many cases, the final
alignment and structure locations may not be known. The primary purpose of this type of
exploration is not to provide final designs, but to determine if there are any issues that could
significantly affect the project. These issues should be identified and the potential impacts and
consequences of these design issues should be evaluated by the project design team. Design
issues should be identified and documented for additional exploration during the final
geotechnical exploration. If the project is located completely within the SCDOT ROW, then the
entire exploration may be performed during the preliminary exploration phase of the project;
however, the report prepared shall be a preliminary report that meets the requirements of
Chapter 21.
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7.7 FINAL GEOTECHNICAL SUBSURFACE EXPLORATION

The final geotechnical exploration shall conform to the requirements detailed in Chapter 4, while
the contents of the final geotechnical report shall conform to the requirements detailed in
Chapter 21. The final exploration shall be laid out to use the testing locations from the
preliminary exploration to the greatest extent possible without compromising the results of the
final exploration. The final exploration shall include those areas identified during the preliminary
exploration or during the GeoScoping as requiring additional investigation. If these areas
impact the performance of the project, these impacts shall be brought to the immediate attention
of the Design/Program Manager or the project team leader for consultant designed projects. In
addition, the GEOR shall also include recommended mitigation methods.

7.8 FIELD DATA CORRECTIONS AND NORMALIZATION

In-situ testing methods such as the SPT, the CPTu, and the DMT may require corrections or
adjustments prior to using the results for soil property correlation or in design. These in-situ
testing methods are described in Chapter 5. The SPT and CPTu field data are the most
commonly corrected or normalized to account for overburden pressure, energy, rod length, non-
standard sampler configuration, borehole diameter, fines content, and the presence of thin very
stiff layers. The data obtained from the DMT is corrected for the effects of the instrument
operation on the results of the testing. All corrections for in-situ testing methods that are used in
geotechnical design and analyses shall be documented in the geotechnical report. The
following sections discuss corrections and adjustments in greater detail.

7.8.1 SPT Corrections

Many correlations exist that relate the corrected N-values to relative density (D;), peak effective
angle of internal friction (¢), undrained shear strength (S,), and other parameters; therefore it is
incumbent upon the designer to understand the correlations being used and the requirements of
the correlations for corrected N-values. Design methods are available for using N-values
directly in the design of driven piles, embankments, spread footings, and drilled shafts. These
corrections are especially important in soil Shear Strength Loss (SSL) potential assessments
(Chapter 13). Design calculations using SPT N-value correlations should be performed using
corrected N-values; however, only the actual field SPT Npeas-values should be plotted on the
soil test boring logs and profiles depicting the results of SPT borings. Each of the corrections is
discussed in greater detail in the following Sub-sections.

7.8.1.1 Energy Correction (Cg)

The type of hammer used to collect split-spoon samples shall be noted on the boring logs.
Typically correlations used between soil parameters and N-values are based on a hammer
system having a transferred energy of 60 percent of the theoretical maximum. A split-spoon
sampler advanced with a manual safety hammer has historically been assumed to have an
approximate transferred energy of 60 percent (ER = 60%); although, the relatively recent ability
to make actual energy measurements has indicated that this assumption is not necessarily
valid. The energy ratio (ER) is the measured energy divided by the theoretical maximum (i.e.,
140-pound hammer dropping 30 inches or 4,200 inch-pounds). The measured energy is
determined as discussed in Chapter 5.

The split-spoon sampler is also advanced with either an automatic hammer (measured ER is
typically greater than 60%); a manual safety hammer (measured ER is typically 60%); or a
manual donut hammer (measured ER is typically less than 60%) [Reminder: The use of the
donut hammer is not permitted]. The corrections for the donut hammer are provided for
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information only since some past projects were performed using the donut hammer. N-values
obtained using either the automatic or the manual safety hammer will require correction prior to
being used in engineering analysis. As indicated in Chapter 5, the measured transferred energy
(ER) for each drill-rig and hammer shall be determined. The energy correction factor (Cg) shall
be determined using the following equation.

__ER

Cr =
E ™ 60

Equation 7-2

E E
ER = meas __ Zmeas
Etheor 4,200

Equation 7-3

Where,
Emeas = Measured energy (see Chapter 5 for determination)

ER is expressed as an integer (i.e., 90 percent energy is ER = 90) in Equation 7-2. The Cg
values provided in Table 7-2 for each hammer type shall only be used on boring logs where the
hammer energy transfer ratio is not provided. In addition, if the hammer type is not indicated
and the boring was obtained prior to the year 2000, the hammer shall be assumed to be a
manual safety hammer.

Table 7-2, Assumed Energy Ratio by Hammer Type (Cg)

Energy Ratio
Hammer Type (Egg) % Ce
Automatic 80 1.33
Safety 60 1.00
Donut 45 0.75

7.8.1.2  Overburden Correction (Cy)

Nmeas-values in coarse-grained soils will increase with depth due to increasing overburden
pressure. The overburden correction is used to standardize all N-values to a reference
overburden pressure. The reference overburden pressure is 1 ton per square foot (tsf) (1
atmosphere). The overburden correction factor (Cy) (Liao and Whitman (1986)) for coarse-
grained soils is provided below. A Cy of 1.0 shall be used for fine-grained soils.

0.5
Cy = (i) <17 Equation 7-4

oy

Where,
o'y = Effective overburden stress, tsf

7.8.1.3 Rod Length Correction (Cg)

Nmeas-values measured in the field should be corrected for the length of the rod used to obtain
the sample. The original Ng-value measurements were obtained using long rods (i.e., rod
length greater than 33 feet); therefore, a correction to obtain “equivalent” Ngo-values for short
rod length (i.e., rod length less than 33 feet) is required. Typically, the rod length will be the
depth of the sample (d) plus an assumed 5 feet of stick up above the ground surface. The rod
length correction factor (Cr) equation is provided below with typical values presented in Table 7-
3 (McGregor and Duncan (1998)).
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_o(~0.11d-055) ,
Cp=¢€e"° Equation 7-5

Where,
d = Depth of sample, ft

Table 7-3, Rod Length Correction (Cg)

Rod Length C
(feet) R
<13 0.75

13-20 0.85
20.1 —33 0.95
> 33 1.00

7.8.1.4  Sampler Configuration Correction (Cs)

The sampler configuration correction factor (Cs) (Cetin et al. (2004)) is used to account for
samplers designed to be used with liners, but the liners are omitted during sampling. If the
sampler is not designed for liners or if the correct size liner is used no correction is required (i.e.,
Cs = 1.0). When liners are omitted there is an increase to the inside diameter of the sampler;
therefore, the friction between the soil and the sampler is reduced. The sampler configuration
correction factor is presented in Table 7-4.

Table 7-4, Sampler Configuration Correction (Cs)

Sampler Configuration Cs

Standard Sampler not designed for liners 1.0

Standard Sampler designed for and used with 10
liners '

Standard Sampler designed for liners and
used without liners:

Nmeas < 10 11
11 < Nmeas < 29 1 + Nmeas/loo
30 < Nmeas 13

7.8.1.5 Borehole Diameter Correction (Cg)

The borehole diameter affects the Nyeas-value if the borehole diameter is greater than 4.5
inches. Large diameter boreholes allow for stress relaxation of the soil materials. This stress
relaxation can be significant in Sand-Like soils, but has a negligible effect in Clay-Like soils.
Therefore, for Clay-Like soils use Cg equal to 1.0. Listed in Table 7-5 are the borehole diameter
correction factors (Cg) for Sand-Like soils (McGregor and Duncan (1998)).

Table 7-5, Borehole Diameter Correction (Cg)

Borehole Diameter C
(inches) B
2-1/2 - 4-1/2 1.00
6 1.05
8 1.15

7.8.1.6 Corrected N-values

As indicated previously, the N-values measured in the field (Nness) require corrections or
adjustments prior to being used for the selection of design parameters or in direct design
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methods. The N-value requirements of the correlations or the direct design methods should be
well understood and known to the GEOR. Please note that the correction for fines content has
been intentionally left out of this Section. The correction for fines content is used only in the
determination of soil SSL (see Chapter 13). Corrections typically applied to the Nyeas-vValues are
listed in the following equations.

Ngo = Nieas * Ck Equation 7-6
Nieo = Ngo *Cy Equation 7-7
Ngo = Ngog * Cp*Cg + Cp Equation 7-8
Nieo = Ngo * Cy Equation 7-9

7.8.2 CPTu Corrections

The CPTu corrected tip resistance (q;, see Chapter 6) and sleeve resistance (fs) require
corrections to account for the effect of overburden on the tip and sleeve resistance. The tip
resistance may also be corrected to account for thin stiff layers located between softer soil
layers. These corrections are discussed in the following Sub-sections.

7.8.2.1 Effective Overburden Normalization

The corrected CPTu tip resistance (q;) and sleeve resistance (fs) in sands are influenced by the
effective overburden stress. This effect is accounted for by normalizing the measured
resistances to a standard overburden stress of 1 tsf (1 atm). The normalized and corrected
CPTu tip resistance (q;;) and sleeve resistance (fs;), for coarse-grained soils are provided
below. A Cy of 1.0 shall be used for fine-grained sails.

q:1 =Cy *q; Equation 7-10
fs,1 =Cy*fs Equation 7-11

Where,
g: = Corrected CPTu tip resistance, tsf (1 MPa = 10.442 tsf)
fs= Measured CPTu sleeve resistance, tsf (1 MPa = 10.442 tsf)
Cn = Overburden normalization factor is the same for g;; and fs; as indicated in Equation
7-4.

7.8.2.2  Thin Layer Correction

When the corrected CPTu tip resistance (q;) is obtained in a thin layer of granular soil that is
embedded between softer surrounding soils, the corrected tip resistance (q;) will be reduced due
to the effects of the underlying softer soils. This commonly occurs in fluvial environments where
granular soils are interbedded between layers of fine-grained soils. Granular soils that are
affected by this reduction in corrected tip resistance (q;) are typically sand layers that are less
than 3-1/2 feet (~1,074 mm) thick and where the ratio of the corrected tip resistance of the sand
(qw) is twice the corrected tip resistance of the cohesive soil (qw) (see Figure 7-1). This
correction only applies to thin sand layers (i.e., less than 3-1/2 feet thick). The CPTu tip
resistance for this special case is normalized and corrected for the thin layer (Qc¢ithin) @nd is
computed as indicated in the following equation.
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qt1,rhin = Crhin * (‘It,1) Equation 7-12

Where,
g:1 = Normalized and corrected CPTu tip resistance, MPa (1 MPa = 10.442 tsf)
Cin = Thin layer correction factor and is determined from the following equation and is
depicted in Figure 7-2.

2

H
Cthin = 1.0+ 0.25 K%) -1 77] Equation 7-13

Where,
H = Thickness of the soil layer less than or equal to 1,074 mm, millimeters (mm)
d. = diameter of cone, mm (35.7 mm for a standard 10 cm? cone)

Case #1 Case #2 Case #3 CPT lip resistance, g,

v

- - = - = - = = - -
o= o= o= - - = - - -
- = [ —— b =

Wl & ) - (8¢ liin = pE8kK resisiance

boww - o achieved in a thin fayer
Clay 8 7 Clay B 7 Clay B~ —
aroman i ¥ E
Sand A’ . <
SR ~ = Case #3
i T g
7
A Case #1—al
I T
- == Pl g, = resislance ——
X e [y withoul infiuence
1w il et v of soft layers

Figure 7-1, Schematic of Thin Layer Effects
(Idriss and Boulanger (2008))
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Figure 7-2, CPTu Thin Layer Correction (Cqnin)
(Idriss and Boulanger (2008))

7.8.2.3

Soil Behavior Type and Normalization of CPTu Data

The Soil Behavior Type, I, is computed using normalized tip resistance (Qr) and normalized
sleeve friction (Fgr). The normalized corrected CPTu tip resistance (Qq1tninn) IS COmputed by
dividing the corrected CPTu resistance (g1 tnin) by the atmospheric pressure (P, = 1 atm = 1 tsf)
to eliminate units. The following equations should be used.

Q — qdt,1,Thin—Ov
T 01’;
Fp = ( o1 )*100
qt,1,Thin—Ov
Ur»—u
Bq _ (uz2—uyp)
(lh,l,Thin—Uv)
__ qt1,Thin
Qe1ThinN = —p
a

Where,

Equation 7-14

Equation 7-15

Equation 7-16

Equation 7-17

dt1.1hin = Normalized, corrected and thin layer corrected tip resistance, tsf
fs1= Where f; is the normalized CPTU cone tip resistance, tsf
o’y = Effective overburden pressure, tsf

o, = Total overburden pressure, tsf

u, = Pore pressure measurement located on the tip shoulder, tsf
Uo = Hydrostatic water pressure, tsf

January 2019

7-9



Geotechnical Design Manual GEOMECHANICS

The Soil Behavior Type, I, is computed using the following equation.

I.=./(3.47 —log Qr)% + (1.22 + log Fp)? Equation 7-18

The I, can be generally correlated to a soil classification as indicated in Chapter 6 and using
Figure 7-3 to relate Qr to B;. The numbers indicated in each zone correspond to the CPTu soil
behavior type indicated in Chapter 6.

1000

100

Increasing
OCH

3

10

Increasing
sensivity

2
i L |
-0.4 0 0.4 0.8 1.2

By

Figure 7-3, Normalized CPT Soil Behavior Chart Using Qr versus B,
(Robertson and Cabal (2015))

7.8.3 Correlations for Relative Density From SPT and CPTu

Correlations to compute relative density (D;) from SPT and CPTu testing may be required for
soil SSL analyses. The correlations proposed by Boulanger (2003) to relate SPT N-values
(N"L60) and CPTu tip resistance (g1 minn) t0 relative density (D,) are provided below.

* 0.5
D, = [(N;:o) ] * 100% Equation 7-19
Where,
Ni,60 <46 bpf
Equation 7-20
D, =[0.478 « (quirhiny) . —1.063]+100%
Where,
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di1Thiny < 254
Where,

N*l,so = Corrected SPT N-value, blows per foot
J:1thinn = NOrmalized, corrected and thin layer corrected tip resistance, unitless
D, = Relative Density in percent

The relative density correlations (Equations 7-19 and 7-20) for SPT and CPTu results can be
combined to develop an SPT equivalent correlation for normalized CPTu tip resistance as
indicated by the following equation.

0.264

2
N;,60 = 46 * [0-478 * (qt,l,rh,-n,,v) —1. 063] Equation 7-21

Alternatively, Jefferies and Davies (1993) recommend a correlation between g, and Ngo. This
correlation has modified to the following equation.

Ngo = (ﬁ) I, Equation 7-22
85— (1-35)]

Where,
g; = Corrected CPTu tip resistance, tsf
pa = Atmospheric Pressure (1 tsf = 1 atm), tsf
Ic = Soil Behavior Type, dimensionless

7.8.4 Dilatometer Correlation Parameters

Using the corrected pressure readings, po, p: and p, (see Chapter 6), the horizontal stress index
(Kp), the material index (lp), the Dilatometer modulus (Ep) and the pore pressure index (Up)
shall be reported for all DMT results. The following equations shall be used.

K, = (Po-te) Equation 7-23

0'1’70
(P1—po) .
=——-" Equation 7-24
D = (po—u,) a
Ep =34.7 « (p1 — po) Equation 7-25

Up = (p2—uop)

= Equation 7-26
(Po—uo) .

Where,
po = Corrected A-pressure, bars (1 bar = 1 tsf)
p: = Corrected B-pressure, bars (1 bar = 1 tsf)
p. = Corrected C-pressure, bars (1 bar = 1 tsf)
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G'vo = Effective overburden stress, tsf (1 bar = 1 tsf)
Uo = Equilibrium pore pressure, bars (1 bar = 1 tsf)

7.9 SOIL LOADING CONDITIONS AND SOIL SHEAR STRENGTH SELECTION

Geotechnical engineering as presented in this Manual has a statistical (LRFD) and
performance-base design component that requires selection of appropriate soil properties in
order to design within an appropriate margin of safety consistent with Chapter 9 and also to
predict as reasonably as possible the geotechnical performance required in Chapter 10. The
selection of soil shear strengths by the GEOR requires that the designer have a good
understanding of the loading conditions and soil behavior, high quality soil sampling and testing,
and local geotechnical experience with the various geologic formations. This Section provides
guidance in the selection of shear strengths for Clay-Like soils (i.e., clays and plastic silts) and
Sand-like soils (i.e., sands and nonplastic silts) for use in geotechnical design. The selection of
shear strength parameters for rock is covered in Section 7.14.

An in-depth review of the topics addressed in this Section is provided in Sabatini, Bachus,
Mayne, Schneider and Zettler (2002) and Duncan and Wright (2005).

Geotechnical load resisting analyses that are typically performed in the design of transportation
facilities are bearing resistance of a shallow foundation, axial (tension and compression) load
resistance of deep foundations (drilled shafts and piles), lateral load resistance of deep
foundations, stability analyses of hillside slopes and constructed embankments, sliding
resistance of ERSs, and passive soil resistance. Each of these analyses can have various
loading conditions that are associated with the limit state (Strength, Service, and Extreme
Event) under evaluation.

Soil shear strength is not a unique property and must be determined based on the anticipated
soil response for the loading condition being evaluated. This requires the following 3-step
evaluation process:

1. Evaluate the Soil Loading: The soil loading should be investigated based on
the soil loading rate, the direction of loading, and the boundary conditions for the
limit state (Strength, Service, Extreme Event) being evaluated.

2. Evaluate Soil Response: The soil response should be evaluated based on pore
pressure build-up (Au), the soil's state of stress, and volumetric soil changes
during shearing, and the anticipated magnitude of soil deformation or strain for
the soil loading being applied.

3. Evaluate Appropriate Soil Strength Determination Method: This consists of
determining the most appropriate soil testing method that best models the
loading condition and the soil response for determination of soil shear strength
design parameters. Also included in this step is the review of the results for
reasonableness based on available correlations and regional experience.

The 3-step evaluation process is discussed in detail in the following Sections.

7.9.1 Soil Loading

The soil loading can be evaluated with respect to loading rate, direction of loading, and
boundary conditions. The loading rate primarily affects the soil’'s response with respect to pore

water pressure build-up (Au). When the loading rate either increases or decreases the pore

water pressure (Au = 0), the loading is referred to as short-term loading. Short-term loading,
during or immediately after construction, typically occurs in fine-grained soils, because these
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soils drain much slower than coarse-grained soils which allows for an increase or decrease in
pore pressures (Au) during loading. Conversely, if the loading rate does not affect the pore

water pressure (Au = 0), the loading is referred to as a long-term loading. Coarse-grained soils,
typically, do not build pore pressures, because drainage is relatively rapid. Therefore, long-term
loading conditions would be applicable even immediately after the completion of construction.
The next Section discusses the response of the soil in greater detail.

Short-term loadings typically occur during construction such as when earth-moving equipment
places large soil loads within a relatively short amount of time. The actual construction
equipment (cranes, dump trucks, compaction equipment, etc.) should also be considered during
the evaluation of construction loadings. Construction loadings are typically evaluated under the
Strength limit state. Earthquakes or impacts (vessel or vehicle collisions) that can apply a
significant amount of loading on the soil within a short amount of time are also referred to as
short-term loadings; however, because of the relative transient and infrequent nature of
earthquake and impact loadings, geotechnical design for these types of loadings are performed
under the Extreme Event limit state. It is noted that coarse-grained soils during an Extreme

Event loading may experience an increase in pore pressure (Au > 0) that may significantly affect
the soil response (see Chapter 13).

Long-term loadings are typically the result of static driving loads placed on the soils when
performing limit state equilibrium analyses such as those that occur with embankments,
retaining walls, or foundations that have been in place for a sufficient length of time that the pore
water pressures have dissipated. These types of loadings are typically evaluated under the
Strength and Service limit states.

The direction of loading is directly related to the critical failure surface and its angle of incidence
with respect to the soil element under evaluation. This becomes important when analyzing the
soil shear strength with respect to a base of a retaining wall sliding over the foundation or during
the analysis of soil stability where the failure surface intersects the soil at various angles within
the soil mass. The shear strength is also affected by plane strain loading condition as is
typically observed under structures such as continuous wall footings. Plane strain loading
occurs when the strain in the direction of intermediate principal stress is zero.

Soil loading boundary conditions result from the soil-structure interaction between the loads
imposed by the structure and the soil. The loadings and soil response are interdependent
based on the stress-strain characteristics of the structure and the soil. Boundary conditions also
include the frictional interface response between the structure and the soil. These boundary
conditions can be very complex and affect the magnitude of the soil loadings, magnitude of the
soil resistance, the distribution of the soil loading (rigid or flexible foundation), and the direction
of the loading.

7.9.2 Soil Response

The application of load to a soil results in a change in either pore pressures (Au) and/or a
change in soil volume (8,). How the soil responds to these changes in part determines whether
drained or undrained shear strengths are required. Further how fast the load is applied also
affects these changes. The following discussion is based on the assumptions that the soil is
completely saturated (S = 100 percent) and that the load is instantaneously placed. If the load
is placed incrementally, it is assumed that each increment is placed instantaneously. Guidance
will be provided at the end of the Section on how to handle unsaturated soil. The following
paragraphs discuss in greater detail the effects of loading on the soil.
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The ability of a soil to behave in an undrained (Au # 0) or a drained (Au = 0) condition is
controlled by the percentage of fines and the plasticity of the fines. For the purpose of
determining soil response, the soil behaviors provided in Table 7-6 shall be used. The use of
Sand-Like soils strictly as a frictional material and Clay-Like soils as a strictly cohesive material
is only anticipated when using correlations. The results of actual shear strength testing will
determine shear strength parameters (i.e., ¢ and c) that are to be used in design. In addition,
the Soil Behavior Type, I, from CPTu and the material index, lp, from DMT testing is also
included.

Table 7-6, Soil Response Classification

Percent Soil 1,2 1 Loading Shear Stress AASHTO (USCS)
Fines Behavior LL Pl le lo Condition | Strength | Condition Settlement Classification
Short-term Drained Effective A-1-a, A-1-b, A-3
=20 Sand-Like N/A® | NIA® | =2.05 =1.8 - Elastic (SP, SP-SM, SP-SC,
Long-term | Drained Effective SM, SC, scC-sm)*
Short-term | Drained | Effective A-1-b, A-2-4, A-4
Sand-Like =40 | =10 | =2.05 =18 " - Elastic (SM, SC, SC-SM,
Long-term | Drained Effective ML, CL-ML, CL)
Short-term | Undrained Total A-2-7, A-7-5, A-7-6
i Clay-Like =40 >10| =26 =06 ) ) Consolidation (SM, SC, ML, CL,
=20 Long-term | Drained Effective MH, CH)
eSS | - =205 | >0.6to | Short-term | Undrained Total _ A-2-6, A-6
Clay-Like™ | <40 | =10 |, 25| <18 [Longterm | Drained | Effective | COnSOidation | o0 ‘am ‘cL, ML)
2 56 | - >2.05 | >0.6to | Short-term | Drained Effective . A-2-5 A5
Sand-Like™ | >40 [ <10 1, 55| <1.8 [Longterm | Drained | Effective Elastic (SM, ML, MH)
_These are typical values and may change based on the correlation between CPTu or DMT and soil test boring.

“I: to be correlated with Soil Test Boring to verify soil classification.

“Mot Applicable — plasticity not expected to affect these soils

"Does not include gravels (GW, GP, etc.) and well graded sands (SW, etc)

“Possible Transitional Soil may be either Sand-Like or Clay-Like. Additional laboratory testing may be required and shall be approved by PC/GDS
“Pore pressure dissipation test during CPTu testing may be required to determine difference between Sand-Like and Clay-Like

The pore water pressure response (Au) that allows water to move in or out of the soil over time
is dependent on the soil drainage characteristics (i.e., percent fines) and the drainage path
length. The time for drainage to occur can be estimated by using Terzaghi's theory of
1-dimensional consolidation where the time required to reach 99% of the equilibrium volume
change, tq, is determined by the following equation.

DZ
tgg = 4 * (C—) Equation 7-27
v
Where,
D = Longest distance that water must travel to flow out of the soil mass, ft

c, = Coefficient of vertical consolidation, ft*/sec

Typical drainage times for various types of soil deposits based on Equation 7-27 are provided in
Figure 7-4. It can readily be seen that Sand-Like soils (see Table 7-6) drain within minutes to
months while Clay-Like soils drain within months to years. Please note that it is assumed that
Sand-Like soils will behave cohesionlessly (i.e., in frictional manner) and that Clay-Like soils will
behave cohesively. The transitional soils may behave as either Sand-Like or Clay-Like
depending on percent fines and plasticity. The behavior of the transitional soils is anticipated to
be a combination of cohesionless and cohesive. The determination of the behavior of these
soils will be the responsibility of the GEOR. Depending on the percent fines and the plasticity
these soils may drain in days to years. Even though a soil formation may behave in an
undrained condition at the beginning of the load application with excess pore water pressures
(Au = 0), with sufficient time to allow for pore pressure dissipation, the soils will reach a drained

condition where static loads are in equilibrium and there is no excess pore water pressure (Au =
0). Because soil layers may have different drainage characteristics and drainage paths within a
soil profile, soil layers may be at various stages of drainage with some soil layers responding in
an undrained condition while other layers respond in a drained condition.
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Figure 7-4, Drainage Time Required
(Duncan and Wright (2005))

Volumetric change (d,) during shearing can significantly affect the shear strength behavior of
the soils. When the soil response is a decrease (-9,) in volume during soil shearing the soils are
termed to have contractive behavior. Loose sands and soft clays typically have contractive

behavior. When the soil response is an increase (+9,) in volume during soil shearing these soils
are termed to have dilative behavior. Overconsolidated clays and medium-dense sands

typically have dilative behavior. Soils that do not exhibit volumetric change during shearing (6,
= 0) are termed to have steady state behavior.

For typical Sand-Like or Clay-Like sails, it has been observed that the soil shear stress (1)
varies as the soil strains or deforms during soil shearing. Selection of the appropriate soil shear
strength to be used in design must be compatible with the deformation or strain that the soil will
exhibit under the loading. This is best illustrated in Figure 7-5, where the drained behavior of 2
stress-strain curves is depicted, with each curve representing a different effective consolidation

stress (5,1 and ;) shown. On the left of Figure 7-5 is a shear stress vs. shear strain plot (t-ys

plot). Because there is a well-defined peak shear stress (tmax) In the plots this would be
indicative of dilative soil behavior of either dense sand or overconsolidated clay. The maximum

shear stress (tmax) IS termed the peak shear strength (Tpeax = Tmax)- [N Overconsolidated clay
soils, as the maximum shear stress (Tmay) iS exceeded, post-peak strain softening occurs until a

fully-softened strength (tnc) is reached. The fully-softened strength is a post-peak strain
softening strength that is considered to be the shear strength that is equivalent to peak shear

strength of the same soil in the normally consolidated (NC) stress state (Tpeak ® Tne). FOr very
large shearing strains in soils (cohesive or cohesionless), the shear stress value is reduced

further to a residual shear strength (t,). The Mohr-Coulomb effective shear strength envelopes
for peak shear strength (Treak = Tmax), fully-softened shear strength (tpeax = Tne), and residual
shear strength (t,) are illustrated on the right side of Figure 7-5.
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Figure 7-5, Drained Stress-Strain Behavior
(Sabatini, et al. (2002))

There are various soil models that are used to characterize soil shear strength. The simplest
and most commonly used soil shear strength model is the Mohr-Coulomb soil failure criteria.
More sophisticated soil shear strength models such as critical state soil mechanics and
numerical models (finite element constitutive soil models) exist and are to be used when simpler
models such as the Mohr-Coulomb soil failure criteria cannot accurately predict the soil
response.

7.9.2.1 Soil Response — Sand-Like

The soils included in this category are typically clean to dirty sands and inelastic silts (AASHTO
classifications A-1-a, A-1-b, A-2-4, A-3 and A-4). Refer to Table 7-6 for the fine contents and
plasticity requirements for Sand-Like soils. The fines content and plasticity of these soils is such
that the effect on the rate of loading will be minimal. An I, less than or equal to 2.05 (I, < 2.05)
from CPTu testing is also indicative of sandy type soil behavior. This is a nominal value from
Robertson and Cabal (2015); however, the actual soil behavior shall be determined from the
correlation boring obtained adjacent to the CPTu as required in Chapter 4. If the I, value for
sandy type soil behavior is shown to be different, then that I, shall be used for the entire project
site. It is noted that I. is not a soil classification, but an indication of Soil Behavior Type. In
addition, a material index, Ip, of greater than or equal to 1.8 (Ip > 1.8) is also indicative of sandy
behavior from the DMT. These soils will have cohesionless behavior. Because of the relatively
rapid drainage anticipated for these soils, less than 100 hours (see Figure 7-4), no excess pore
pressures are anticipated (Au = 0) (i.e., drained conditions and effective stresses are applicable)
and all changes in volume will occur either during loading or immediately after the completion of
loading (i.e., all settlement will be elastic).

When drained conditions exist (Au = 0), effective stress parameters are used to evaluate soll
shear strength. Effective stress is characterized by using effective shear strength parameters
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(¢, ¢) and effective stress, G'y,, (Use total unit weights above the water table and buoyant (total
unit weight minus the unit weight of water) unit weight below the water table). The basic Mohr-
Coulomb soil failure criteria for effective stress shear strength (t’) is shown in the following
equation.

T =c' +o0,,tan ¢’ Equation 7-28

Where,
¢’ = Effective soil cohesion. The effective cohesion for cohesionless soils is typically

assumed to equal zero (¢’ = 0), psf.

G\ = Effective vertical overburden pressure. Buoyant unit weights (ys= vt - yw) are used
below the water table and total unit weights (yr) are used above the water table,
psf.

¢’ = Effective internal soil friction angle. The effective internal soil friction angle (¢) for a
cohesionless soil is typically greater than the total internal soil friction angle (¢),
degrees.

The soil behavior of typical Sand-Like soils can be further illustrated by comparing the
stress-strain behavior of granular soils having various densities as shown in Figure 7-6.

Medium and dense sands typically reach a peak shear strength (tpeax = Tmax) Value and then
decrease to a residual shear strength value at large displacements. The volume of medium and
dense sands initially decreases (contractive behavior) and then increases as the soil grains
dilate (dilative behavior) with shear displacement until it reaches a point of almost constant
volume (steady state behavior). The shear stress in loose sands increases with shear
displacement to a maximum value and then remains constant. The volume of loose sands
gradually decrease (contractive behavior) until it reaches a point of almost constant volume
(steady state behavior).
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Figure 7-6, Shear Strength Sands (Direct Shear-Test)
(Das (1997))
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The soil response is influenced significantly by the soils pore water pressure response (Au)
resulting from the rate of loading as the soils attempt to reach a state of equilibrium. The
undrained condition is a soil response that occurs when there is either an increase (+) in pore
water pressure (Au > 0) or a decrease (-) in pore water pressure (Au < 0) within the soil during
soil loading. The drained condition is a soil response that occurs when there is no change in

pore water pressure (Au = 0) as a result of the soil loading.
7.9.2.2 Soil Response — Clay-Like

The soils in this category are typically elastic silts and fat (plastic) clays (AASHTO classifications
A-2-7, A-7-5, and A-7-6). Clay-Like soils will have more than 20 percent fines. Refer to Table
7-6 for the plasticity requirements for Clay-Like soils. Where the rate of loading and plasticity
can have a significant impact on how these soils perform. An I, greater than or equal to 2.6 (2.6
<) from CPTu testing is also indicative of clayey type soil behavior. This is a hominal value
from Robertson and Cabal (2015); however, the actual soil behavior shall be determined from
the correlation boring obtained adjacent to the CPTu as required in Chapter 4. If the I. value for
clayey type soil behavior is shown to be different, then that I, shall be used for the entire project
site. It is noted that I. is not a soil classification, but an indication of Soil Behavior Type. In
addition, an Ip of less than or equal to 0.6 (Ip < 0.6) is also indicative of clayey behavior from the
DMT. These soils will have cohesive behavior. Typically, these soils will have drainage times
measured in months to years, pore pressures are anticipated to change (Au # 0) and any
changes in volume (+d,) will occur over time. Undrained shear strengths and total stress
conditions are applicable to these types of soils for short-term loading conditions. Under long-
term loading conditions, drained shear strengths and effective stress conditions are applicable.
See the previous Section for the discussion on the development of drained shear strengths and
effective stress conditions.

When undrained conditions exist (Au = 0), total stress parameters are used to evaluate soil
shear strength. The total stress condition is characterized by using total shear strength

parameters (c, ¢) and total stress, G,,, (total unit weights). The basic Mohr-Coulomb soil failure

criteria for total stress shear strength (t), also referred to as the undrained shear strength (S,),
is shown in the following equation.

T=c+o,0tang Equation 7-29

Where,
¢ = Total soil cohesion, psf.

Oy, = Total vertical overburden pressure. Total unit weights (yr) are used, psf.
¢ = Total internal soil friction angle. The total internal soil friction angle for cohesive soils

is typically assumed to equal zero (¢ = 0). Total internal soil friction angle (¢) for
a cohesionless soil is typically less than the effective internal soil friction angle

(¢), degrees.

Another factor that affects soil response of these soils is the in-situ stress state. The stress
state is defined by either total (c,,) or effective (c'y,) vertical stress, total (cno) or effective (c'no)
horizontal stress, and the effective preconsolidation stress (o', or p.). The effective
preconsolidation stress is the largest state of stress that the soil has experienced. The state of
stress is often quantified by the overconsolidation ratio (OCR) as indicated by the following
equation.
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OJ
OCR =~ Equation 7-30

vo

Clay-Like soils are often defined by the in-situ state of stress as indicated in Table 7-7:

Table 7-7, OCR Values

Description State of Stress OCR
Underconsolidated, UC G'p < Guyo <1.0
Normally Consolidated, NC G =G 1.0
Overconsolidated, OC Gy < G'p 1.1-4.0
Heavily Overconsolidated, OC Gyo << G'p > 4.0

The soil behavior of typical Clay-Like soils can be further illustrated by comparing the
stress-strain behavior of normally consolidated clays (OCR = 1) with the stress-strain behavior
of overconsolidated clays (OCR > 1) for consolidated drained and undrained Triaxial tests in
Figures, 7-7 and 7-8, respectively.  The stress-strain behavior for overconsolidated clays
(OCR > 1) indicates that they are subject to strain softening, similar to medium-dense sands
shown in Figure 7-6, and that normally consolidated clays (OCR = 1) increase in strength,
similar to loose sands also shown in Figure 7-6. Overconsolidated (drained or undrained) clays
typically reach peak shear strength (Treak = Tmax) @nd then decrease to a fully-softened strength
that is approximately equal to the peak shear strength of a normally consolidated clay (tpeak ~

Tne)-  The volume change of overconsolidated clays in a drained test is very similar to the
volume change in medium-dense sand; the volume initially decreases (contractive behavior)
and then increases (dilative behavior). The pore pressures in an undrained test of
overconsolidated clays initially increase slightly and then become negative as the soil begins to
expand or dilate. The shear stress (drained or undrained test) of a normally consolidated (OCR
= 1) clay increases with shear displacement to a maximum value (Tpeak = Tnc)- The volume of
normally consolidated clays in a drained test gradually decreases (contractive behavior) as it
reaches a point of almost constant volume (steady state behavior). The pore pressure in an
undrained test of normally consolidated clay increases until failure and remains positive for the
entire test.
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7.9.2.3 Soil Response — Transitional Soils

As indicated in Table 7-6, these soils can behave either as Sand-Like or Clay-Like depending
on the plasticity of the soil. The GEOR will be responsible for determining whether these soils
will behave as Sand-Like or Clay-Like and determining whether undrained or drained shear
strengths are to be used. These soils will typically have more than 20 percent fines and will
classify as sands with fines to elastic silts and clays (AASHTO classification A-2-5, A-2-6, A-5,
and A-6). An I, greater than 2.05 and less than 2.6 (2.05 < I < 2.6) from CPTu testing is also
indicative of soil behavior between cohesionless and cohesive. This is nominal value from
Robertson and Cabal (2015); however, the actual soil behavior shall be determined from the
correlation boring obtained adjacent to the CPTu as required in Chapter 4. If the I, value for
silty type soil behavior is shown to be different, then that I, shall be used for the entire project
site. It is noted that I; is not a soil classification, but an indication of Soil Behavior Type. In
addition, the Ip will range from greater than 0.6 to less than 1.8 (0.6 < Ip < 1.8). See the
previous Sections for a discussion of drained and undrained shear strengths.

79.24 Soil Response — Unsaturated Soils

The preceding Sections assume that the soils are 100 percent saturated. For unsaturated soils
(S < 100 percent), the GEOR should be aware of the impacts that unsaturated soils can cause.
First, there could be volumetric change (-0,) without an associated increase in pore pressure
(+Au). For Clay-Like soils, the air in the soil voids will eventually be squeezed out and the
sample will become fully saturated and should be treated accordingly. The time required for this
to occur is not easily determined. Further the determination of when to use undrained or
drained shear strengths will not be clear. Therefore, SCDOT recommends that all soils are
assumed to 100 percent saturated and that all design analysis be based on this assumption.
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7.9.3 Soil Strength Testing

Selection of soil shear strengths should be made based on laboratory testing and soil strain
level anticipated from analyses. Table 7-8 provides a summary of published stress-strain
behavior from Holtz and Kovacs (1981), Terzaghi, Peck, and Mesri (1996), and Duncan and
Wright (2005) for various soils types. This table is provided for “general” guidance in the
selection of shear strengths and soil strain level anticipated from equilibrium analyses.

Table 7-8, Soil Shear Strength Selection Based on Strain Level

Strain Level *
Sand-Like 5% 15-20% Large Strains
Strains Strains >20%
Med. To Dense Sand Tpeak T T
Non-Liquefying
Loose Sands Treak Treak T
Strain Level *
Clay-Like 2% 10-15% Large Strains
Strains Strains >15%
Clay (OCR =1) Tpeak = TNC Tpeak = TNC Tpeak = TNC
Clay (OCR >1) Tpeak ~ Tne Tr
Shear Strength Nomenclature:
Tpeak = Peak Soil Shear Strength Tne = Normally Consolidated Soil Shear
T, = Residual Soil Shear Strength Strength

! Strain levels indicated are generalizations and are dependent on the stress-strain characteristics of
the soil and should be verified by laboratory testing.

Once the soil loading and soil response has been evaluated, the next step is to select the
method of evaluating the soil shear strength. The shear strength can be evaluated by one of
the following methods:

1. Soil shear strength determined by geotechnical laboratory testing.
2. Soil shear strength correlations with in-situ field testing results.
3. Soil shear strength correlations based on index parameters.

The laboratory testing should be selected based on shear strength testing method and the
testing parameters best suited to model the loading condition and the soil response. Shear
strength laboratory testing methods are described in Chapter 5. A summary of the design
parameters that should be used in selection of the appropriate testing method and procedure is
provided below:

1. Total or Effective Stress: Selection of soil shear strength parameters based on
total or effective stress state (drained or undrained). Guidance for typical
geotechnical analyses for each limit state (Strength, Service, and Extreme Event)
being analyzed is provided for bridge foundations in Table 7-9 and for earth
retaining structures and embankments in Table 7-10. Total and effective shear
strength determination guidelines for laboratory and in-situ testing are provided in
Sections 7.10 and 7.11, respectively.

2. Soil_Shear_Strength: Soil shear strength parameters (tpeak OF T;) Selection
should be based on strain level anticipated from equilibrium analyses. See Table
7-8 for guidance. Seismic soil shear strengths used to design for the Extreme
Event | limit state are discussed in Chapter 13.
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3. Loading Direction: The shearing direction should be compatible with how the

soil is being loaded or unloaded and the angle of incidence with respect to soil
normal stress. Figure 7-9 illustrates test methods that would be appropriate for

shear modes for embankment instability shear surface.

Figure 7-10 provides

undrained strength (UU Triaxial) of typical clays and shales as a function of
stress orientation.

Table 7-9, Bridge Foundation Soil Parameters

Limit State Strength Service Extreme Event
Load Combinations ﬁ'trﬁ?%t\? IV Ser\lnce Extreme Events | & 112
Seismic Event N/A FEE & SEE
Loading Condition Static Durlnghli?(ritnhgquake Post-Earthquake
. o o o _ o
Soil = = = - 2 < 2
Shear Strength 5 3 3 5 3 8 3
Stress State = = = - = 2 £
Soil Bearing
Resistance v v v v v
c Sliding
=4 Frictional v v v v v
A Resistance
c Sliding
2 Passive 3 3 3 v 3
= Resistance
= Structural
> _— _—
2 Capacity v v v v v
= Lateral
2 | Displacement v v v v v v
cU .
Vertical
ey
n Settlement v v v v v v v
Overall
Stability v v v v
S | Axial Capacity v . v v
s Structural
T C —— _— —
S % Capacity v v v v
° o Lateral
o
80 Displacements \ \ \ \ v \
4] Vertical
o Settlement v v v v v v v

"Residual soil shear strengths of liquefied soils must include effects of strain softening due to

liquefaction.

% For Extreme Event Il use During Earthquake Shaking — Total.

Soil Stress State Legend:

V' Indicates that soil stress state indicated requires analysis
--- Indicates that soil stress state does not require analysis
Indicates that soil stress state may need to be evaluated depending on method of analysis
V Indicates that soil stress state transitions from undrained to drained (i.e., consolidation)
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Table 7-10, Earth Retaining Structures & Embankment Soil Parameters

Limit State Strength Service Extreme Event
Load Combinations Strﬁrglt\r; I\'/“’ Service | Extreme Events | & 112
Seismic Event N/A FEE & SEE
During Post-
Loading Condition Static Earthquake
Shaking Earthquake
, o o o _ o
Soll T = B = pe 2 g 2
Shear Strength 15 S 3 S i S g 3
— Y— — y— y— Y—
Stress State T 5 [ = = =
Soil Bearing
> Resistance v v v v v
3| Sliding Frictional
o — —
a Resistance v v v v v
= | Sliding Passive
2 Resistance v v v v \
=]
e Structural
n Capacity v v v v v
2| Lateral Load
= Analysis (Lateral v «I N N N N N
g Displacements)
P Settlement v v v v v v v v
®
W | Global Stability v y N, N N
Soil Bearing
- Resistance v v v v v
% Lateral Spread y v N \ N
)
(@)
= | Lateral Squeeze v v \ y N
[¢H)
S Lateral
j‘% Displacements v v \ \ v
e Vertical
E Settlement \ v v v v v v v
Global Stability vV v N N N
' Residual soil shear strengths of liquefied soils must include effects of strain softening due to
liquefaction

% For Extreme Event Il use During Earthquake Shaking — Total.

Soil Stress State Legend:

V' Indicates that soil stress state indicated requires analysis

--- Indicates that soil stress state does not require analysis

¢ Indicates that soil stress state may need to be evaluated depending on method of analysis
V Indicates that soil stress state transitions from undrained to drained (i.e., consolidation)
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Figure 7-9, Shear Modes for Embankment Stability Shear Failure Surface
(Sabatini, et al. (2002))
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Figure 7-10, T of Clays and Shales as Function of Failure Orientation
(modified from Duncan and Wright (2005))

The undrained and drained shear strengths of soils can be obtained from laboratory testing.
The laboratory testing procedures are described in Chapter 5. A summary of laboratory testing

methods suitable for determining the undrained and drained shear strengths of cohesive and
cohesionless soils is provided in Table 7-11.
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Table 7-11, Laboratory Testing Soil Shear Strength Determination

Lab Undrained Shear Strength Drained Shear Strength
a oratory Cohesive Cohesionless Cohesive Cohesionless
Testing Method , , , ,
TPeak Tr Tpeak Tr T Peak Ty T Peak Ty
Unconfined Compression N N
(UC) Test
Unconsolidated N N
Undrained (UU) Test?
Direct Simple Shear N N
(DS) Test?
Consolidated Drained 1 1
(CD) Test? v v v \
Consolidated Undrained
(CU) Test with Pore v v v v v v v v
Pressure Measurements?

v - Indicates laboratory method provides indicated shear strength

V' — Test not considered practical due to time required to perform test

2 Confining stress for triaxial tests and the normal stress for direct shear test shall be determined by
GEOR

- - N/A

Definitions:

Tpeak = Peak Undrained Shear Strength T peak = Peak Drained Shear Strength
T, = Residual Undrained Shear Strength 7, = Residual Drained Shear Strength

In-situ testing methods (Chapter 5), such as the SPT, the CPTu, the DMT, and the FVST, can
be used to evaluate soil shear strength parameters by the use of empirical/semi-empirical
correlations. Even though the torvane (TV) or the pocket penetrometer (PP) are soil field testing
methods, their use is restricted to only qualitative evaluation of relative shear strength during
field visual classification of soil stratification. The major drawback to the use of in-situ field
testing methods to obtain soil shear strength parameters is that the empirical/semi-empirical
correlations are based on a limited soil database that is typically material or soil formation
specific and therefore, the reliability of these correlations must be verified for each project site
until sufficient substantiated regional experience is available. Poor correlation between in-situ
testing results and soil shear strength parameters may also be due to the poor repeatability of
the in-situ testing methods. The CPTu, in all versions, has been shown to be more repeatable
while the SPT has been shown to be highly variable. Another source of variability is the
sensitivity of the test method to different soil types with different soil consistency (very soft to
hard cohesive soils) or density (very loose to very dense cohesionless soils). In-situ penetration
testing values correspond to the peak of the stress-strain shear strength curve as indicated in
Figure 7-11. Since deformations induced from penetration tests are close to the initial stress
state, correlations have been developed for the soil modulus.
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Figure 7-11, Shear Strength Measured by In-Situ Testing
(Sabatini, et al. (2002))

A summary of in-situ testing methods suitable for determining the undrained and drained shear
strengths of cohesive and cohesionless soils is provided in Table 7-12. The suitability of in-situ
testing methods to provide soil shear strength parameters is provided in Table 7-13.

Table 7-12, In-Situ Testing - Soil Shear Strength Determination

In-Si Undrained Shear Strength Drained Shear Strength
n- Itu Cohesive Cohesionless Cohesive Cohesionless
Testing Method , , , ,
TpPeak Ty TpPeak Ty T peak Ty T peak Ty
Standard Penetrometer N N
Test (SPT)
Piezocone with pore
pressure measurements v v v
(CPTu)
Flat Plate Dilatometer Test N N
(DMT)
Field Vane Shear Test N N
(FVST)
v - Indicates in-situ method provides indicated shear strength
- - N/IA
Definitions:
Treak = Peak Undrained Shear Strength T peak = Peak Drained Shear Strength
T, = Residual Undrained Shear Strength 7, = Residual Drained Shear Strength
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Table 7-13, Soil Suitability of In-Situ Testing Methods
(Modified from Canadian Geotechnical Society (2006) and Holtz and Kovacs (1981))

In-Situ Test | Suitable | Unsuitable :
Method Soils * Soils Correlated Properties Remarks
Sand and residual soil | SPT repeatability is
Sand, . . ; )
Standard cl effective peak internal | highly variable.
ay, e h
Penetrometer . Gravel friction angle, clay Disturbed samples. Very
Residual . : :
Test (SPT) ) undrained peak shear | variable S,correlations
Soils . i
strength, soil modulus. | are available for clays.
Sand Sand, silt, and residual
Piezocone with Silt ’ soil effective peak Continuous evaluation of
pore pressure ' internal friction angle, | soil properties. CPT is
Clay, Gravel ) ;
measurements : clay and residual soil very repeatable. No
Residual :
(CPTu) Soil undrained peak shear | samples recovered.
strength, soil modulus.
Sand, silt, and residual
soil effective peak
Sand, internal friction angle, Unreliable results may
Flat Plate Clay, clay and undrained occur with very dense
Dilatometer and Gravel peak shear strength, sand, cemented sand,
Test (DMT) Residual overconsolidation and gravel. No samples
Soil ratio, at-rest pressure recovered.
coefficient, soll
modulus.
May overestimate shear
strength. Very soft clays
need to be corrected.
Unreliable results may
Sand occur with fissured
Field Vane . . clays, varved clays, and
Residual | Clay undrained peak . .
Shear Test Clay ; highly plastic clays,
Soil, and | shear strength. ) .
(FVST) Gravel sand, residual soil, and
gravel. FVST
repeatability may be
variable with rate of
rotation. No samples
recovered.

' The suitability of testing Piedmont residual soils should be based on Mayne et al. (2002). Residual
soils frequently have a dual USCS description of SM-ML and behave as both cohesive soils and
cohesionless soils because the Piedmont residuum soil is close to the opening size of the U.S. No. 200

Sieve (0.075 mm).

Shear strength of cohesive and cohesionless soils can also be estimated based on effective

overburden stress (c'y), effective preconsolidation stress (c’, or p’c), the overconsolidation ratio
(OCR), and index properties such as grain-size distribution (Fines Content — FC), moisture
content (w), and Atterberg Limits (LL, PI). Index properties are described in Chapter 6. Unless
indicated otherwise, these correlations are used only for preliminary analyses or for evaluating
reasonableness of laboratory or in-situ shear strength results.
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7.10 TOTAL STRESS

Total stress is the force per unit area carried by both the soil grains and the water located in the

pores between the soil grains. The total stress state uses undrained soil shear strengths (Au =
0) and is typically used to resist short-term loadings (i.e., construction loading, earthquake

loadings, etc.). The Mohr-Coulomb undrained shear strength equation (t = S,) is defined as
follows:

T=c+o,tan¢ Equation 7-31

The deviator compression stress at failure (Acy) for unconfined compression tests (o3 = 0) on
clays is equal to the unconfined compression strength (c; = q, = €). The deviator compression
stress at failure (Aoy) for undrained triaxial testing (unconsolidated or consolidated) is equal to
the total major principal stress (o;) minus the total minor principal stress (cs) (see Figure 7-12).

Shear Stress t

Ac; =0, — 04

63 Gl
Nornal Stress o

Figure 7-12, Total Principal Stresses

7.10.1 Sand-Like Soils

Undrained shear strengths for Sand-Like soils (cohesionless soils) should be used when the
rate of loading is so fast that the soil does not have sufficient time to drain such as in the case of
rapid draw-down (specifically not addressed in this Manual), cyclic loadings (typically caused by
machine loading and are not anticipated on SCDOT projects), and earthquake loadings. Based
on Table 7-6 Sand-Like soils are not anticipated to require undrained shear strengths; therefore,
no undrained shear strengths will be used or provided. The only exception is during earthquake
loadings; see Chapter 13 for the development of undrained shear strengths for use during
seismic events. Undrained residual shear strength ratio of liquefied soils (t,/c’y,) as proposed
by Idriss and Boulanger (2008) are presented in Chapter 13.
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7.10.2 Clay-Like Soils

The 1 for Clay-Like soils should be determined using UC tests, UU triaxial tests, or CU triaxial
tests of undisturbed samples. The undrained shear strength for these soils should be
compatible with the level of strain anticipated under Service conditions (see Table 7-8).
Undrained shear strengths are used for short-term loading conditions, the length of time to
reduce pore pressures induced by loading may require months to years, in a total stress
analysis. Typically the total internal friction angle is negligible and assumed equal to zero (¢ =
0) and the Mohr-Coulomb shear strength equation for the 1t of cohesive soils can be expressed
as indicated by the following equation.

T=C=— Equation 7-32

The undrained shear strength of Clay-Like soils may also be determined by in-situ testing such
as the SPT, the CPTu, the DMT, or the FVST as described in Chapter 5. As stated previously,
in Section 7.9.3, the biggest drawback to the use of in-situ field testing methods to obtain
undrained shear strengths of Clay-Llke soils is that the empirical correlations are based on a
soil database that is material or soil formation specific and therefore the reliability of these
correlations must be verified for each project site by substantiated regional experience or by
conducting laboratory testing and calibrating the in-situ testing results.

The SPT can provide highly variable results in Clay-Like soils as indicated in Table 7-13.
However, the following correlations may be used if laboratory undrained shear strengths are
correlated to the corrected Ng value obtained from the SPT. Peak undrained shear strength (t
= (Sy)sp1), In units of ksf, for Clay-Like soils (McGregor and Duncan (1998)) can be computed
for low plasticity clays using Equation 7-33 and medium to high plasticity clays using Equation
7-34. Plasticity is defined in Chapter 6.

T = (Su)SPT =0.075 % N60 Equation 7-33

T = (Su)SPT = 0.15 x N60 Equation 7-34
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Undrained Peak Shear Strength, Sy (ksf)
N

SPT Blowcount - Ngg (blows/foot)

Note: Ngo = N*go
Figure 7-13, Undrained Shear Strength — SPT Relationship
(modified from McGregor and Duncan (1998))

The peak undrained shear strength (t = (S,)cpt) Of cohesive soils can also be obtained from the
CPTu (Mayne (2007)) as indicated by the following equation.

T=(SWept = % Equation 7-35

Where,
g: = Corrected CPT tip resistance, tsf (see Chapter 5)
Oy, = total overburden pressure at test depth, tsf
Ny = cone factor (see Chapter 6)

According to Robertson and Cabal (2015), Ny can vary between 10 and 18 and is typically set at
14. Ny tends to increase with increasing plasticity and decrease with increasing soil sensitivity.
Ny will be determined on a site-specific basis and reported as required in Chapter 6. As the
parameter B, increases Ny decreases such that is very sensitive fine-grained soils as B
approaches 1.0, Ny can be as low as 6. As can be seen from Equation 7-35 an accurate
determination of Ny is required, especially in soft fine-grained (Clay-Like) soils. The use of the
typical value could under estimate the shear strength.

The peak undrained shear strength (t = (S,)omr) Of Clay-Like soils can also be obtained from the
DMT (Marchetti, Monaco, Totani, and Calabrese (2001)) as indicated by the following equation.

T=(S)pur = 0.22 x 0, * (0.5 x Kp)12> Equation 7-36

Where,
o'\ = effective overburden pressure at test depth, psf
Kp = horizontal stress index
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The peak undrained shear strength (t = (Sy)rvst) and the remolded shear strength (Syem)rvst Of
Clay-Like soils can also be obtained from the FVST (Mayne, Christopher and DeJong (2002))
using Equation 7-37. (Suem)rvst IS Substituted for (Sy)rvst after the 10 revolutions have been
completed.

_ _ 12T et
T= (S ryst = D b
D (

cosiT cosig

Equation 7-37

+6*H)

Where,
Thet = Net torque, inch-pounds (see Chapter 5)
D = Diameter of the field vane, inches (see Chapter 5)
H = Height of the field vane, inches (see Chapter 5)
ir and ig = Taper angle, degrees (see Chapter 5)

Correction of (Sy)rvst IS required prior to use in engineering design to account for rate effects in
the test. Mayne, et al. (2002) recommends using the following equations to correct the
undrained shear strength for testing rate effects based on plasticity (Pl > 5):

Tinobilized — MR * (Su)FVST Equation 7-38
pr = 1.05 — 0.045 * (PI)%> Equation 7-39

Where,
Pl = Plasticity Index

Empirical correlations based on SHANSHEP (Stress History and Normalized Soil Engineering
Parameters) laboratory testing results can be used for preliminary designs and to evaluate the
peak undrained shear strength (S,) obtained from laboratory testing or in-situ testing. This
method is only applicable to clays without sensitive structure where undrained shear strength
increases proportionally with the effective overburden pressure (c'yo). The SHANSHEP
laboratory test results of Ladd, Foot, Ishihara, Schlosser, and Poulos (1977) revealed trends in
undrained shear strength ratio (S, / ¢’,) as a function of overconsolidation ratio as indicated in
Figure 7-14.
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Figure 7-14, Undrained Shear Strength Ratio and OCR Relationship
(Ladd, et al. (1977))

The average peak undrained shear strengths (t) shown in Figure 7-14 can be approximated by
an empirical formula developed by Jamiolkowski, Ladd, Germaine, and Lancellotta (1985) as
indicated by the following equation.

7=1(0.23 « (OCR)*®) x 0., Equation 7-40
Where,
T = Undrained shear strength, tsf
OCR = Overconsolidation ratio
S'vo = Effective overburden pressure at test depth, tsf

The t can be compared to the remolded shear strength (tm) Or T, to determine the sensitivity
(Sy) of cohesive soils. Sensitivity is the measure of the breakdown and loss of interparticle
attractive forces and bonds within Clay-Like soils. Typically in dispersed Clay-Like soils the loss
is relatively small, but in highly flocculated structures the loss in strength can be large.
Sensitivity is determined using the following equation.

S, = * =X Equation 7-41

Trem Tr

Sensitivity may also be estimated directly from CPT results using the following equation,

IR

St (qt—0y0)

Equation 7-42
fs*Ng a

The description of sensitivity is defined in the following table.
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Table 7-14, Sensitivity of Cohesive Soils
Modified from Spangler and Handy (1982)

Sensitivity Descriptive Term

<1 Insensitive
1-2 Slightly Sensitive
3-4 Medium Sensitive
5-8 Sensitive

9-16 Very Sensitive

17 - 32 Slightly Quick

33-64 Medium Quick
>64 Quick

The t.m Of Clay-Like soils can be determined from remolded triaxial specimens or from in-situ
testing methods (CPTu or FVST). Triaxial specimens should have the same moisture content
as the undisturbed sample as well as the same degree of saturation and confining pressure.
Sensitivity can also be related to the liquidity index using the following figure.

_ peaks,
£ remolded s,; |

2 L] L] LRI L| L LB B ] L L] LB
?
|
|
|
|

(W, - PL)
(LL-PL)

Liquidity index, LI

Mitchell & Soga (2005):
= Average contfours of sensifivity
based on dala from several clays.

_05 (] L IIIIIII L L i & 1 Lili

0.1 1 10 100
Vertical effective stress, o', (atm)

Figure 7-15, Sensitivity based on Liquidity Index and &,
(Idriss and Boulanger (2008))

The Liquidity Index (LI) can also be related to remolded shear strength (Trem = Curem = Surem) @S
indicated in the following.
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Figure 7-16, Remolded Shear Strength vs Liquidity Index
(Mitchell (1993))

The Liquidity Index (LI) is the relationship between w, PL, and the LL. The LI is a measure of
the relative softness of a Clay-Like soil as indicated by the closeness of the w to the LL. The LI
can be determined by the following equation.

_ (w-PL)

Lr= (LL-PL)

Equation 7-43

An LI equal to 1 is general indication that a Clay-Like soil is normally consolidated and an LI
equal to 0 is a general indication that a Clay-Like soil is overconsolidated.

The undrained residual shear strength of Clay-Like soils (S; < 2) can be estimated for
preliminary design and to evaluate the 1, (S,,) obtained from laboratory testing or in-situ testing.
In addition, the 1, (Sy) can be estimated by reducing Tpeax by a residual shear strength loss
factor (A,) as indicated in the following equation.

T, =A *T Equation 7-44

The A, factor typically ranges from 0.50 to 0.67 depending on the type of clay soil. The A.
factors recommended in Table 7-15 are based on the results of a pile soil set-up factor study
prepared by Rausche, Thendean, Abou-matar, Linkins and Goble (1997)

Table 7-15, Residual Shear Strength Loss Factor (A,)

Soil Type Residual Shear Strength
USCS Description Loss Factor (A)
Low Plasticity Clay CL-ML 0.57
Medium to High Plasticity Clay CL &CH 0.50
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7.10.3 Transitional Soils

The undrained shear strength of transitional materials may have both ¢ and ¢ components
which should be determined in the laboratory using the appropriate testing methods. However,
if samples for this type of testing have not been obtained (e.g., during the preliminary
exploration), then the GEOR should review the percent fines and the plasticity of the soil to
determine whether the soil will behave Sand-Like or Clay-Like. If transitional soils are identified
in the preliminary exploration, obtaining undisturbed samples of these materials should be
attempted during the final exploration. For soils that are difficult to determine the approximate
classification, the undrained shear strength parameters for both Sand-Like and Clay-Like soils
should be determined and the more conservative design should be used.

7.10.4 Maximum Allowable Total Soil Shear Strengths

SCDOT has established maximum allowable peak (c, ¢) and residual (c;, ¢;) undrained soil
shear strength design parameters for in-situ soils shown in Table 7-16, for use in design. These
soil shear strength design parameters may be exceeded with appropriate laboratory testing
results (see Table 7-11). Alternately, these shear strengths may be exceeded using
correlations with field testing results (see Table 7-12) and the express written permission of the
PC/GDS.

Table 7-16, Maximum Allowable Total Soil Shear Strengths

Peak Residual
Soil Type

yp c 0 c, r

USCS Description (psf) | (degrees) | (psf) | (degrees)
ML, MH, SC Silt, Clayey Sand, Clayey Silt | 1,500 15 1,200 6
SM, ML Residual Soils 900 14 700 6
CL-ML NC Clay (Low Plasticity) 1,500 0 900 0
CL, CH NC Clay (Med-High Plasticity) | 2,500 0 1250 0
CL-ML OC Clay (Low Plasticity) 2,500 0 1400 0
CL, CH OC Clay (Med-High Plasticity) | 4,000 0 2000 0

7.11 EFFECTIVE STRESS

Effective stress is the force per unit area carried by the soil grains. The effective stress state
uses drained soil shear strengths (Au = 0). The Mohr-Coulomb drained shear strength equation
is defined as follows.

T =c +0,*tan ¢’ Equation 7-45

The deviator compression stress at failure (Acj) for undrained triaxial testing (consolidated) is
equal to the total or effective major principal stress (c;) minus the total or effective minor

principal stress (c3). The effective major and minor principal stresses are the total major and
minor principal stresses minus the pore pressure at failure (uy) (see Figure 7-17).
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Figure 7-17, Effective Principal Stresses

7.11.1 Sand-Like Soils

Drained shear strengths for Sand-Like soils should be used when there is relatively no change

in pore water pressure (Au ~ 0) as a result of soil loading. The drained shear strength for these
soils should be compatible with the level of strain anticipated under service conditions (see
Table 7-8). Sand-Like soils that are subjected to construction loads and static driving loads
typically use peak or residual drained shear strengths due to the relatively rapid (minutes to
hours) drainage characteristics of granular soils as indicated in Section 7.9.2. The peak or
residual drained soil shear strength parameters can be obtained from CD triaxial tests, CU
triaxial tests with pore pressure measurements, or DS tests. Typically the effective cohesion (c’)
is negligible and assumed to be equal to zero (¢’ = 0) and the Mohr-Coulomb shear strength
criteria for drained shear strength of Sand-Like soils can then be expressed as indicated in the
following equation.

T =0, *tan ¢’ Equation 7-46

The peak drained shear strength of Sand-Like soils may also be determined by in-situ testing
methods such as the SPT, the CPTu, or the DMT. As stated previously, in Section 7.9.3, the
biggest drawback to the use of in-situ field testing methods to obtain drained shear strengths of
Sand-Like soils is that the empirical correlations are based on a soil database that is material or
soil formation specific and therefore the reliability of these correlations must be verified for each
project site by either using substantiated regional experience or conducting laboratory testing
and calibrating the in-situ testing results.

The effective peak friction angle, ¢', of Sand-Like soils can be obtained from the SPT. Most
SPT correlations were developed for clean sands and their use for micaceous sands/silts, silty
soils, and gravelly soils may be may be unreliable as indicated below:

e SPT blow counts in micaceous sands or silts may be significantly reduced producing
very conservative correlations.

e SPT blow counts in silty soils may produce highly variable results and may require
verification by laboratory triaxial testing depending on a sensitivity analysis of the
impact of the variability of results on the analyses and consequently the impact on
the project.
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SPT blow counts in gravelly soils may overestimate the penetration resistance.
Conservative selection of shear strength parameter or substantiated local experience

should be used in lieu of laboratory testing.

*

of Hatanaka and Uchida (1996) for corrected N-values (N 160) as indicated below or using

Figure 7-18:

60) "+ 20°

The effective peak friction angle, ¢', of Sand-Like soils can be estimated using the relationship

Equation 7-47

*
1;

(15.4 N

¢ =

Where,

*

4 blows per foot < N'; g0 < 50 blows per foot
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Figure 7-18, Effective Peak Friction Angle and SPT (N 1 60) Relationship

(Based on Hatanaka and Uchida (1996))
The effective friction angle, ¢', of Sand-Like soils can also be estimated by the CPTu based on

This method requires the estimation of the effective

overburden pressure (c'y,) and the corrected tip resistance (qg;) using the relationship in Figure

7-19. This relationship may be approximated by the following equation.

Robertson and Campanella (1983).

Equation 7-48

qe
7
Opo

tan~* 0.1 + 0.38 + log

)

¢I
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Figure 7-19, Effective Peak Friction Angle and CPT (q:) Relationship
(Robertson and Campanella (1983))

The effective friction angle, ¢', of Sand-Like soils can also be estimated by the DMT using the
Marchetti (1997) relationship shown in Figure 7-20. The Marchetti (1997) relationship may be
approximated by the following equation.

= +14.6" x 1o —2.1%lo
¢ =28°+14.6°xlogK, —2.1°log?* K,

Equation 7-49
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Figure 7-20, Effective Peak Friction Angle and DMT (Kp) Relationship
(Sabatini, et al. (2002))
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7.11.2 Clay-Like Soils

Drained shear strengths for Clay-Like soils should be used when there is relatively no change in

pore water pressure (Au = 0) as a result of soil loading such as static driving loads. The drained
shear strength for these soils should be compatible with the level of strain anticipated under
service conditions (see Table 7-8). Drained shear strengths are used for long-term loading
conditions, geotechnical analyses for these types of loadings are based on effective stress
analyses. The peak or residual drained soil shear strength parameters can be obtained from
CD triaxial testing (this test is normally not performed because of the time requirements for
testing), or CU triaxial testing with pore pressure measurements. It is noted that use of the
following methods should only be used if the appropriate laboratory testing for shear strength
has not been performed and that preference is that the testing should be performed. Typically
for normally consolidated (OCR = 1; see Table 7-7) Clay-Like soils the effective cohesion (c’) is
negligible and is assumed to be equal to zero (¢’ = 0) and the Mohr-Coulomb shear strength
equation for drained shear strength for Clay-Like soils can be expressed as indicated in the
following equation.

!

T = o, xtan ¢y, Equation 7-50

Typically for overconsolidated Clay-Like soils the effective cohesion is greater than zero with the
effective friction angle less than that determined for normally consolidated Clay-Like soils.
When the preconsolidation pressure (c’, or p’c) is exceeded the overconsolidated Clay-Like soll
becomes normally consolidated (see Figure 7 -21).

T / /
4 b oc < Pnc

Overconsolidated «+——» Normally Consolidated

I
I
- I
|
]

.I 1 P
C.=pP, G’

Figure 7-21, Overconsolidated Clay Failure Envelope (CUw/pp Triaxial Test)

The effective peak and residual drained shear strength of Clay-Like soils should not be
evaluated using in-situ testing methods. Drained shear strengths should be developed using
appropriate laboratory testing. However, SCDOT recognizes the fact that this type of testing
may not be practicable; therefore, the correlations provided in the following paragraphs may be
used.

Correlations have been developed between drained shear strengths of Clay-Like soils and index
parameters such as plasticity index (PI or Ip), LL, clay fraction (CF) and effective overburden
pressure (o', = effective hormal stress). Similarly to relationships developed for in-situ testing
methods, these relationships for drained shear strengths of Clay-Like soils were developed
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based on a soil database that is typically material or soil formation specific and may require
verification by laboratory triaxial testing depending on a sensitivity analysis of the impact of the
variability of results on the analyses and consequently the impact on the project. These
relationships should be used to evaluate the validity of laboratory testing results and to improve
the relationship database for regional soil deposits by SCDOT.

In normally consolidated Clay-Like soils (OCR = 1.0) the shear strength test will result in a peak
effective friction angle (¢'). Terzaghi, et al. (1996) proposed the relationship in Figure 7-22
between peak effective friction angle (¢') for normally consolidated clays and the plasticity index

(Ir or PI).  For plasticity indices above 60 percent, the peak effective friction angle (¢') should
be determined from laboratory testing. The Terzaghi, et al. (1996) relationship between peak

effective friction angle (¢') for normally consolidated clays and the plasticity index (lp or PI) may
be estimated by the following equation.

Pnc = 35.7°—[0.28° =« (PI)] + [0.00145° « (PI)?] + 4°  Equation 7-51

5 | T 1 T | | | I | T T TTTTT
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Figure 7-22, Plasticity Index versus Drained Friction Angle for NC Clays
(Terzaghi, et al. (1996))

As an alternate to Terzaghi, et al. (1996), Sorensen and Okkels (2013) may be used. Sorensen
and Okkels (2013) have developed 2 equations for obtaining the drained friction angle for
normally consolidated Clay-Like soils (¢'yc) using Pl and CF. These equations apply for CF less
than 90 percent (CF < 90%) because the available data from which this equation is based did
not have any samples with CFs greater than about 90 percent. However, it is noted that Pl has
a greater influence on ¢’yc then does CF. Figure 7-23 depicts the data set used by Sorensen
and Okkels (2013) to develop these equations. As can be seen in Figure 7-23, a mean
equation and a lower bound equation have been developed. The lower bound equation should
have no more than 5 percent of the data points below the lower bound line. SCDOT
recommends that the lower bound curve be used first to develop the normally consolidated
drained shear strength for use in design. The mean equation should be used if the lower bound
eqguation does not achieve the required resistances.
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Lower Bound Equation
dne =39 — 11« log PI Equation 7-52
Mean Equation

dNc =43 — 10"« log PI Equation 7-53

45 T
40 J—._..___...__._.._ o
35
30 -
25 -
15 -
10 -

* n=233, R2=0.41, SE=3.7

¢’ (deg.)

i

1 10 100 1000
I, (%)

Note: Ip =PI
Figure 7-23, Plasticity Index versus Drained Shear Resistance for NC Clays
(Sorensen and Okkels (2013))

Sorensen and Okkels (2013) have also developed procedures for determining the drained shear
strength (c’'oc and ¢'oc) for overconsolidated Clay-Like soils (OCR > 1.1). For overconsolidated
Clay-Like soils the Mohr-Coulomb shear strength equation for drained shear strength can be
expressed as indicated in the following equation.

T = coc + 0, * tan @y Equation 7-54

Sorensen and Okkels (2013) have demonstrated that drained shear strength of
overconsolidated Clay-Like soils are related not only to PI but also the CF of the material.
Similarly to the development of drained shear strength for normally consolidated Clay-Like soils,
Sorensen and Okkels have developed 2 equations based on both best fit of the drained shear
strength data for overconsolidated Clay-Like soils as well as a lower bound equation for which
approximately 95 percent of the available data points are above the lower bound line (see
Figure 7-24). SCDOT recommends that the lower bound curve be used first to develop the
overconsolidated drained shear strength for use in design. The best fit equation should be used
if the lower bound equation does not achieve the required resistances.
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Figure 7-24, Plasticity Index versus Drained Shear Resistance for OC Clays
(Sorensen and Okkels (2013))

As can be seen from the lower bound curve in Figure 7-24, both the lower bound and best fit
curves kink at a Pl of approximately 50 percent (50% < PI); therefore 2 equations will be
required to describe each curve based on PI.

Lower Bound Equations
4 < PI <50 Poc = 44" — 14" x log PI Equation 7-55

50 < PI <150 Poc =30 —6 «log PI Equation 7-56

Bet Fit Equations
4 < PI <50 Poc =45 — 14"« log PI Equation 7-57

50 < PI <150 Poc =26 — 3" xlog PI Equation 7-58

These equations are for soils that CFs less than 80 percent (CF < 80%). These equations may
be used for soils with CFs greater 80 percent (CF > 80%); however, extreme caution should be
exercised in the use of these equations at greater CFs. Soils with greater CFs were not part of
the data set used to develop these equations.

As indicated previously, overconsolidated Clay-Like soils can have a drained cohesion (C'oc).
Sorensen and Okkels (2013) have developed equations relating c’oc to PI; however, since C'oc
is more related to soil structure than ¢'oc the use of their equations may not be appropriate.
Considering the fact that ¢’oc is based on soil mineralogy, which is partially based on PI, while
Coc IS more based soil structure which is lost during the sample preparation for PI
determination. Therefore, Sorensen and Okkels (2013) recommends using a relationship
between c'oc and S, (see Figure 7-25). This relationship is applicable for clays having Pls
greater than or equal to 7 (Pl > 7). For clays with Pl less than 7 (Pl < 7), Sorensen and Okkels
(2013) recommend c’oc be assumed to be 0 psf.
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Figure 7-25, Undrained Shear Strength versus Drained Shear Resistance for OC Clays
(Sorensen and Okkels (2013))

PI <7 coc = 0 psf Equation 7-59
7 < PI <150 Coc =0.1%S, <630 psf Equation 7-60

It is noted that the ¢’'oc has a maximum value of 630 psf.

The preceding paragraphs discussed the development of the peak drained shear strength for
normally (¢’nc) and overconsolidated (¢'oc and c'oc) Clay-Like soils. The following paragraphs
discuss the development of drained residual shear strength. Stark and Eid (1994 and 1997)
developed a graphical relationship between PI, CF and o'y, (effective normal stress) to obtain
the drained shear strength of Clay-Like soils (see Figure 7-26). This graph was used for heavily
overconsolidated (OCR > 4) Clay-Like soils. This method for determining drained residual
shear strength has been updated by Stark and Hussain (2013) (see Figure 7-27). The Stark
and Hussain (2013) procedure shall be used to determine the drained residual shear strength
(¢,). Stark and Hussain (2013) have developed 3 sets of equations based on CF with individual

equations based on LL (surrogate for PI) and c’y..

e CF<20%
e 25% < CF <45%
e CF=>50%

Each set of equations also has a range of LL over which the equations apply. The limitations
imposed by the LL are a result of the testing results used to develop the equations.
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Figure 7-26, Drained Residual Friction Angle and Liquid Limit Relationship
(Stark and Eid (1994) with permission from ASCE)
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Figure 7-27, Updated Drained Residual Friction Angle and Liquid Limit Relationship
(Stark and Hussain (2013) with permission from ASCE)
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The first set of equations (CF < 20%) for determining the drained residual shear strength are
presented below. These equations should be used for soils that have 30% < LL < 80%;
however, these equations may be used with extreme caution on soils having LLs outside of this
range.

(D1 ~sokpa = 39.71 — 0.29 * (LL) + [6.63 » 10~* x (LL)?] Equation 7-61

Equation 7-62
(D010 _100 xpg = 39-41— 0.298 % (LL) +[6.81 x 107* » (LL)?]

(1) —s00kpa = 40.24 — 0.375 * (LL) + [1.36 » 10~3 = (LL)?] Equation 7-63

Equation 7-64
(‘l"r)a,’,o:mo wpa = 40.34 —0.412 * (LL) + [1.683 * 1073 = (LL)?]

Note 1 kPa is equal to approximately 20.89 psf.

The second set of equations (25% < CF < 45%) for determining the drained residual shear
strength are presented below. These equations should be used for soils that have 30% < LL <
130%; however, these equations may be used with extreme caution on soils having LLs outside
of this range.

Equation 7-65
(Pr)o!,=50kPa
=31.4—-6.79+1073 « (LL) —3.616 » 107 3(LL)? + 1.864
1075 x (LL)3

Equation 7-66
(¢'r)a;,o=100kpa
=29.8—-3.627 *107* x (LL) — 3.584 +* 10~3(LL)? + 1.854
* 1075 x (LL)3

Equation 7-67
(¢'r)a;,,,=400kpa
=28.4—-5.622+1072% % (LL) —2.952 *1073(LL)? +1.721
1075 « (LL)?

Equation 7-68
(¢'r)a;,,,=700kpa
= 28.05—0.2083 * (LL) —8.183 * 10~ 4(LL)? + 9.372 x 10~°
* (LL)®

The third set of equations (CF > 50%) for determining the drained residual shear strength are
presented below; however, a review of Figure 7-27 indicates that the 2 equations for each curve
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will be required. For soils that have 30% < LL < 120% a third-degree polynomial will be
required to describe this portion of the curve, while for soils having 120% < LL < 300% a linear
equation may be used. For each effective overburden pressure, the third-degree polynomial is
provided first followed by the linear equation. Extreme caution should be used when applying
these to soils having LLs outside of this range.

30% < LL <120%
Equation 7-69

(D1)g! —sokpa = 33.5 —0.31 (LL) +3.9 % 10~*(LL)? + 4.4 » 107 « (LL)®

120% < LL < 300%
(7)o, =50kPa = 12.03 — 0.0215 = (LL) Equation 7-70

30% < LL < 120%
Equation 7-71
(¢'r)a;,,,=100kpa
=30.7 — 0.2504 = (LL) — 34.2053 * 10~*(LL)? + 8.0479
* 1076 % (LL)3

120% < LL < 300%
(¢;')a{,,,=100kPa =10.64 —0.0183 * (LL) Equation 7-72

30% < LL <120%
Equation 7-73
(¢'r)a;,,,=400kpa
=29.42 —-0.2621 * (LL) —4.011 « 10~4(LL)?> + 8.718 « 10~°
* (LL)®

120% < LL < 300%
(¢;')a{,,,=400kPa =8.32—-0.0114 « (LL) Equation 7-74

30% < LL <120%
Equation 7-75
(¢;~)a{,,,:700kPa
=27.7—0.3233 % (LL) + 2.896 * 10~*(LL)?2 + 7.1131 « 10~¢
* (LL)®

120% < LL < 300%
(¢;')a{,,,=700kPa = 5. 84 — 0.0049 = (LL) Equation 7-76

As indicated previously the above approach for developing drained residual shear strength is for
heavily overconsolidated Clay-Like soils. Typically most heavily overconsolidated Clay-Like
soils are indurated (hard) and aggregated (i.e., the clay particles stick together) additional
processing of the samples is required to get accurate CFs and LLs. Using the appropriate
ASTM procedures, the samples will be processed using a mortar and pestle with the sample
being passed through a No. 40 sieve. The CF and LL for the material passing the No. 40 sieve
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is then determined (CFyo. 40 and LLyo. 40). The equations presented above are typically based on
some of the samples being processed using ball milling to completely disaggregate the sample
and then pass the sample through the No. 200 sieve. The material passing the No. 200 sieve is
then tested for CF and LL (CFyo, 200 @nd LLyo. 200) USIiNg the appropriate ASTM testing method.
Typically, the CFyo. 200 and LLyo. 200 are greater than the CFy,. 40 and LLyo. 40. The use of ball
milling is not a typical testing preparation method. Stark and Hussain (2013) have developed
based on the available data correlations between CFy,. 40 and CFyo 200; and LLyo. 20 and LLye. 200
These correlations shall only be used with this procedure.

LLy, 200 = 0.003 x (LLyy40)% +1.23 % LLy, 49  Equation 7-77

Equation 7-78
CF o200 = 0.0002 % (CFyo40)3 —0.0278 x (CFy,40)* + 2.15 * (CFpo.40)

Please note that these equations have been slightly rearranged from the way Stark and Hussain
(2013) presented.

7.11.3 Transitional Soils

The drained shear strength of transitional soils may have both ¢’ and ¢’ components; these
components should be determined in the laboratory using the appropriate testing methods.
However, if samples for this type of testing have not been obtained (e.g., during the preliminary
exploration), then the GEOR should review the percent fines and the plasticity of the soil to
determine whether the soil will behave Sand-Like or Clay-Like. If transitional soils are identified
in the preliminary exploration, obtaining undisturbed samples of these materials should be
attempted during the final exploration. For soils that are difficult to determine the approximate
classification, the undrained shear strength parameters for both Sand-Like and Clay-Like soils
should be determined and the more conservative design should be used.

7.11.4 Maximum Allowable Effective Soil Shear Strength

SCDOT has established maximum allowable peak (c, ¢) and residual (c;, ¢;) undrained soil
shear strength design parameters for in-situ soils shown in Table 7-17, for use in design. These
soil shear strength design parameters may be exceeded with appropriate laboratory testing
results (see Table 7-11). Alternately, these shear strengths may be exceeded using
correlations with field testing results (see Table 7-12) and the express written permission of the
PC/GDS.
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Table 7-17, Maximum Allowable Effective Soil Shear Strengths

Peak ' Residual
Soil Description c ¢ c
USCS Description (psf) | (degrees) | (psf) | (degrees)

GW, GP, GM, GC Stone and Gravel 0 40 0 34

SW Coarse-grained Sand 0 38 0 32

SM, SP Fine-grained Sand 0 36 0 30

SP Uniform Rounded Sand 0 32 0 32

ML, MH, SC Silt, Clayey Sand, Clayey 0 30 0 27

Silt

SM, ML Residual Soils 0 27 0 22

CL-ML NC Clay (Low Plasticity) 0 35 0 31

CL, CH NC Clay (Med-High 0 26 0 16
Plasticity)

CL-ML OC Clay (Low Plasticity) 0 34 0 31

CL, CH OC Clay (Med-High 0 28 0 16
Plasticity)

' The same maximum peak effective shear strength parameters shall be used for peak effective internal
friction angle of normally consolidated cohesive soils and to the fully-softened internal friction angle of
overconsolidated cohesive soils.

7.12 BORROW MATERIALS SOIL SHEAR STRENGTH SELECTION

This Section pertains to the selection of soil shear strength design parameters for borrow
materials used in embankments or behind retaining walls (other than MSE walls or Reinforced
Soil Slopes (RSSs)). Soil shear strength selection shall be based on the soil loading and soll
response considerations presented in Section 7.9. The soil shear strength design parameters
selected must be locally available, cost effective, and be achievable during construction. The
selection of soil shear strength design parameters that require the importation of materials from
outside of the general project area should be avoided. To this end, bulk samples will be
obtained from existing fill embankments or from proposed cut areas and tested as indicated in
Chapter 4. The purpose of sampling and testing the existing fill is the assumption that similar fill
materials will be available locally. The purpose of sampling and testing proposed cut areas is to
determine the suitability of the material for use as fill. The selection of design soil shear
strengths required for borrow sources should take into consideration the construction borrow
specifications as indicated in Section 7.12.1.

The procedure for selecting soil shear strength design parameters varies depending on the type
of project as indicated below:

1. Traditional Design-Bid-Build W/Existing Embankments: This type of project
can occur when existing roads are being improved by widening the existing
embankment. An investigation of locally available materials should be made to
confirm that the existing embankment soils are still locally available. If the
existing embankment soils are available, the selection of soil shear strength
design parameters for these types of projects will be based on using laboratory
testing from composite bulk sample obtained from the existing embankment as
required in Chapter 4 and appropriately selecting the drained and undrained soil
shear strength design parameters for the borrow material. The plans and
contract documents may specify the minimum required soil shear strength
parameters for the borrow sources based on the existing embankment soils, if
necessary. If the existing embankment soils are not locally available, the borrow
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material shear strength parameters will be determined as if the project were on a
new alignment.

Traditional Design-Bid-Build On New Alignment: This type of project requires
the pre-selection of soil shear strength design parameters without performing any
laboratory testing. The preliminary subsurface investigation may need to identify
locally available soils (or borrow sources) and appropriately select soil shear
strength design parameters for the borrow materials. Locally available soils can
be investigated by using USDA Soil Survey maps as indicated in Section 7.12.2.
The plans and contract documents may specify the minimum required soil shear
strength parameters for the borrow sources, if necessary.

7.12.1 SCDOT Borrow Specifications

The SCDOT Standard Specifications for Highway Construction (latest edition), Section 203,

provides the requirements for borrow material. Embankment material must not have optimum
moisture content greater than 25.0% as defined in accordance with SC-T-29. Acceptable soils
for use in embankments and as subgrade vary by county indicated by the following 2 Groups.

Group A: Includes the following counties: Abbeville, Anderson, Cherokee, Chester,

Edgefield, Fairfield, Greenville, Greenwood, Lancaster, Laurens, McCormick,
Newberry, Oconee, Pickens, Saluda, Spartanburg, Union, and York. Below the
upper 5 feet of embankment, any soil that does not meet the description of muck
may be used provided it is stable when compacted to the required density.

Group B: Aiken, Allendale, Bamberg, Barnwell, Beaufort, Berkeley, Calhoun,

Charleston, Chesterfield, Clarendon, Colleton, Darlington, Dillon, Dorchester,
Florence, Georgetown, Hampton, Horry, Jasper, Kershaw, Lee, Lexington,
Marion, Marlboro, Orangeburg, Richland, Sumter, and Williamsburg. The soil
material below the upper 5 feet of embankment is soil that classifies as A-1, A-2,
A-3, A-4, A-5, and A-6.

Groups A and B are shown graphically on a South Carolina map in Figure 7-28.
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Figure 7-28, Borrow Material Specifications By County

A brief geologic description of the surface soils in Groups A and B are provided below and for
more detail see Chapter 11.

Group A:

Piedmont physiographic geologic units.

This group is located northwest of the “Fall Line” in the Blue Ridge and
The Blue Ridge unit surface soils

typically consist of residual soil profile consisting of clayey soils near the surface
where weathering is more advanced, underlain by sandy silts and silty sands.

The
has

re may be colluvial (old land-slide) material on the slopes. The Piedmont unit
a residual soil profile that typically consists of clayey soils near the surface,

where soil weathering is more advanced, underlain by sandy silts and silty sands.

The

residual soil profile exists in areas not disturbed by erosion or the activities of

man.

Group B: This group is located south and east of the “Fall Line” in the Coastal Plain
physiographic geologic unit. Sedimentary soils are found at the surface
consisting of unconsolidated sand, clay, gravel, marl, cemented sands, and
limestone.

7.12.2

USDA Soil Survey Maps

Locally available borrow sources can be researched by using the United States Department of
Agriculture (USDA) Soil Survey Maps. A listing of USDA Soil Surveys that are available can be
obtained by selecting “South Carolina” at http://soils.usda.gov/survey/printed surveys/ and
reviewing results by county. Soil surveys can be obtained as either printed documents, CD-
ROM, downloading online .pdf documents, or generated using USDA Web Soil Survey (WSS)
Internet application.
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The USDA Soil Surveys typically indicate Soil Map Units that are described based on USDA
textural classification system. Recent USDA Soil Survey manuscripts contain tables with
equivalent material descriptions for the AASHTO and the USCS soil classification systems.
When only the USDA textural classification is indicated in the maps, the GEOR will need to
correlate the USDA textural classifications to the AASHTO and the USCS soil classification
systems.

The USDA WSS Internet application can be accessed at:
http://websoilsurvey.nrcs.usda.gov/app/. The USDA WSS is an online web application that can
provide soil data and natural resource information produced by the National Cooperative Soil
Survey. The web site is under constant development and being updated with new information.
Soil survey maps and maps of Roadfill sources for project specific locations can be generated
as shown in Figure 7-29 and Figures 7-30, respectively.

Figure 7-29, USDA Soil Map — Newberry County, South Carolina
(USDA Web Soil Survey)
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Figure 7- 30 USDA Roadfill Source Map - Newberry County, South Carollna -
(USDA Web Soil Survey)

7.12.3 Compacted Soils Shear Strength Selection

Compacted soils are used to construct roadway embankments, bridge approaches, and backfill
behind retaining walls. This Section does not govern the selection of backfill soil properties for
MSE walls or RSSs. The method of selecting soil shear strength parameters for compacted
soils will be either:

e Measured using appropriate laboratory shear strength tests or
o Conservatively selected based on drained soil shear strength parameters typically
encountered in South Carolina soils.

The method to be used for selection will be dependent on the type of project as discussed
previously.

SCDOT experience with borrow materials typically found in Group A are Piedmont residual
soils. These borrow materials are typically classified as micaceous clayey silts and micaceous
sandy silts, clays, and silty soils in partially drained conditions. These soils may have USCS
classifications of either ML or MH and typically have LL greater than 30. Published laboratory
shear strength testing results for Piedmont residual soils (Sabatini, et al. (2002), Appendix A,
page A-40) indicate an average effective friction angle of 35.2° with a +1 standard deviation

range of 29.9°< ¢’ < 40.5°. A conservative lower bound of 27.3° is also indicated.

SCDOT experience with borrow materials typically found in Group B are Coastal Plain soils that
are typically uniform fine sands that are sometimes difficult to compact and behave similar to
silts. When these soils are encountered, caution should be used in selecting effective soil shear

strength friction angles since values typically range from 28°< ¢’ < 32°.
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7.12.4 Allowable Soil Shear Strengths of Compacted Soils

SCDOT has determined, through a research project, the effective and total soil strength

parameters (i.e., ¢’ and ¢’ or ¢ and ¢) that are typically available for each South Carolina
County. The results of this research and the allowable parameters are available on the SCDOT
website (http://www.scdot.org/doing/geoTech Design.aspx). If the results of the on-site soil
testing or the selected shear strength parameters are less than the shear strength parameters
provided on the SCDOT website then shear strength verification testing during construction
should not be required during compaction. However, the GEOR may select a project-specific
soil classification (i.e., AASHTO and USCS Classifications (see Chapter 6)) in order to assure
that the borrow materials meet the shear strength requirements. This project-specific soil
classification shall be provided on the project plans. The required testing for this verification, is
not anticipated to be different than the classification testing already currently being performed
during construction. If the on-site soil has a shear strength greater than the allowed for the
county, the GEOR may elect to use this higher shear strength without the requirement for shear
strength verification testing during construction. However, a project-specific classification (i.e.,
AASHTO and USCS Classifications) shall be required to be indicated on the project plans. If
the GEOR’s design needs to exceed the on-site shear strength parameters and the county
shear strength values, the GEOR shall use the proposed plan notes (see Chapter 22) to convey
the required soil strength properties to the Contractor. The following testing shall be required to
confirm the anticipated revised shear strength parameters:

e Moisture-density Relationship (Standard Proctor)
Grain-size Distribution with wash No. 200 Sieve
e Moisture-Plasticity Relationship Determination (Atterberg Limits)
» Performed only on samples with more than 20 percent passing #200 sieve
e Natural Moisture Content
Direct Simple Shear Test
» Performed only on samples with less than or equal to 20 percent passing
#200 sieve
» Sample remolded to 95 percent of Standard Proctor value
» Sample moisture content shall be between -1 percent to +2 percent of
optimum moisture content
e Consolidated-Undrained Triaxial Shear Test with pore pressure measurements
» Performed only on samples with more than 20 percent passing #200 sieve
» Sample remolded to 95 percent of Standard Proctor value
» Sample moisture content shall be between -1 percent to +2 percent of
optimum moisture content

Once a borrow source achieving the required shear strength parameters has been located,
additional shear strength testing during construction will be required every approximate 50,000
CY. Classification testing performed at the intervals required by the SCDOT Standard
Specifications for Highway Construction, latest edition, will be required to assure that the borrow
materials continue to be similar to the materials used in the shear strength testing. The GEOR
shall determine when and if additional shear strength testing is required if the classification
testing indicates a change in classification.

If stone (e.g., Nos. 57, 67, 789 or No. 4 ballast) is selected as the borrow material, large scale
direct shear (minimum size of direct shear box of 12 inches square by 8 inches deep) should be
required. However, to avoid the cost and time for testing these materials a maximum ¢’ of 46°
shall be assumed for all of the stones. If a ¢’ greater than this value is required, then testing will
be required. However, prior to testing the GEOR shall obtain approval from the appropriate
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PC/GDS for the increased ¢’ and will provide the name of the laboratory performing the tests. It
is noted that this ¢’ does not apply to MSE wall design. See Supplemental Technical
Specification (STS) Mechanically Stabilized Earth (MSE) Walls, SC-M-713, for the ¢’ that
applies to MSE wall design.

7.13 SOIL SETTLEMENT PARAMETERS

Settlements are caused by the introduction of loads (stresses, +Ac) on to the subsurface soils
located beneath a site. These settlements can be divided into 2 primary categories, elastic and
time-dependent settlements (consolidation). Settlements (strains) are a function of the load
(stress) placed on the subsurface soils. Elastic settlements typically predominate in Sand-Like
soils or soils with 0 to 20 percent fines regardless of the plasticity of the fines. Time-dependent
settlements predominate in Clay-Like soils or soils with more than 20 percent fines and with LL
greater than 40 (LL > 40) and PI greater than 10 (Pl > 10). The GEOR should evaluate soils
with either LL greater than 40 (LL > 40) or PI greater than 10 (Pl > 10) as to whether the soils
will behave elastically or have time-dependent settlement characteristics. The GEOR is
responsible for making this determination for these soils (see Table 7-6 for guidance).

Settlement parameters can be developed from high quality laboratory testing (triaxial shear for
elastic parameters and consolidation testing for time-dependent parameters). However, for
cohesionless soils, obtaining high quality samples for testing can be extremely difficult.
Therefore, in-direct methods (correlations) for measuring the elastic parameters are used. Time-
dependent settlement parameter correlations for cohesive soils also exist. These correlations
should be used for either preliminary analyses or for evaluating the reasonableness of
laboratory consolidation testing.

7.13.1 Elastic Parameters

Elastic settlements are instantaneous and are considered recoverable. These settlements are
calculated using elastic theory. The determination of elastic settlements is provided in Chapter
17. In the determination of the elastic settlements the elastic modulus, E, (tangent or secant)
and the Poisson’s ratio, v, are used. Since E and v are both dependent on the laboratory
testing method (unconfined, confined, undrained, drained), the overconsolidation ratio, water
content, strain rate and sample disturbance, considerable engineering judgment is required to
obtain reasonable values for use in design. Provided in Table 7-18 are elastic modulus
correlations with N*; g0 values. Table 7-19 provides typical values of soil elastic modulus and
Poisson'’s ratio for various soil types.

Table 7-18, Elastic Modulus Correlations For Soil Using SPT N-values
(AASHTO LRFD Specifications (2017))

. Elastic Modulus, Eg
Soil Type (psi)
Silts, sandy silts, slightly cohesive mixtures 56*(N*1 60)
Clean fine to medium sands and slightly 97*(N*1 60)
silty sands 1,60
Coarse sands 139*(N*1 60)
Sandy gravels and gravels 167*(N*; 60)

The elastic modulus of soil may also be correlated to corrected tip resistance (g;) and the soll
behavior type (l.) according to Robertson and Cabal (2015), using the following equations:

E;=ag*(q;— 0,) Equation 7-79
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ag = 0.015  [10(0-55+1c+1.68)] Equation 7-80
Where,
g = Corrected tip resistance (see Chapter 5)
Gy, = Total overburden stress at depth of g, (see Chapter 5)
I. = Soil behavior type (see Chapter 5)
Es = Elastic modulus, same units as g; and oy,

According to Marchetti, et al. (2001), the elastic modulus of soil, Es, may be correlated from the
DMT using the constrained modulus, Mppyr.

(1+v)*(1-2v)

Es = [ 1-v)

] * Mpyr Equation 7-81

Where,
v = Poisson’s ratio
Mpwmt = constrained modulus (bars) (1 bar = 1 tsf)

MDMT = RM * ED Equation 7-82

Where,
Ep = Dilatometer modulus (bars) (1 bar = 1 tsf)

The term Ry is a function of the Material Index and the Horizontal Stress Index (f(Ip,Kp)). Rw is
determined using the following equations when K is less than or equal to 10 (Kp < 10).

Ip <0.6 Ry =0.14+2.36 * log K, Equation 7-83
0.6 <Ip<3 Ry=Ryo+(2.5—Ryyg)*logKp Equation 7-84
Ryo=0.14+0.15* [Ip — 0.6] Equation 7-85

Ip =3 Ry =0.5+2=+logKp Equation 7-86

If Kp is greater than 10 (Kp > 10), then use the following equation:
Ry =0.32+2.18 * log K, Equation 7-87
If Ry determined using the above equations is less than 0.85, set Ry equal to 0.85.

For soils with a Poisson’s ratio, v, ranging from 0.25 to 0.30, the following equation may be
used. A Poisson’s ratio in this range is typical of coarse-grained soils (see Table 7-19).

E; =~ 0.8Mpuyr Equation 7-88
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Table 7-19, Typical Elastic Modulus and Poisson Ratio Values for Soil
(AASHTO LRFD Specifications (2017))

Soil Type Typical ElaStliEC Mo_dulus Values, Poisson’s Ratio. v
(ksi)
Clay:
Soft sensitive 0.347 — 2.08 0.4-0.5
Medium stiff to stiff 2.08-6.94 (Undrained)
Very stiff 6.94 —13.89
Silt 0.278 —2.78 0.3-0.35
Fine Sand:
Loose 1.11-1.67 0.95
Medium dense 1.67 -2.78 '
Dense 2.78 —4.17
Sand:
Loose 1.39-4.17 0.20-0.36
Medium dense 4,17 -6.94 0.25-0.40
Dense 6.94-11.11 0.30 -0.40
Gravel:
Loose 417 -11.11 0.20-0.35
Medium dense 11.11 -13.89 0.25-0.40
Dense 13.89 — 27.78 0.30-0.40

7.13.2 Consolidation Parameters

Consolidation settlement involves the removal of water from the interstitial spaces (pores)
between soil grains and the rearrangement of the soil grains. Typically, Clay-Like soils are
considered to undergo consolidation settlements. However, soils with either LL greater than 40
(LL > 40) or PI greater than 10 (Pl > 10) also undergo consolidation settlements depending on
the moisture-plasticity relationship. Clay-Like soils are typically more impervious and therefore
will require more time to settle. Further these soil types may also undergo more settlement than
Sand-Like soils because of the volume of water within these soils. To determine the amount of
consolidation settlement that a soil will undergo, the following soil parameters are required:
compression (C. or Cg), recompression (C; or Cg), and secondary (C, or Cg) compression

indices, coefficient of consolidation (c,) and the effective preconsolidation pressure (c’, or p’c).
These parameters are normally determined from consolidation testing (see Chapter 5).

Prior to obtaining the parameters indicated previously, the curves obtained from the
consolidation test require correction by the GEOR. Curve correction is applied to the test
results presented as e-log p and e-log p curves. Duncan and Buchignani (1976) provide
methods for correcting both e-log p and e-log p for both normally consolidated and
overconsolidated soils. The procedures for correcting the e-log p curves (normally consolidated
and overconsolidated) are presented in Table 7-20 and for the e-log p curves (normally
consolidated and overconsolidated) are presented in Table 7-21.
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Table 7-20, Correction of the e-log p Curve for Disturbance
(modified from Duncan and Buchignani (1976))

Step | Description
Normally Consolidated Soil (6°,, = 6';,) (Figure 7-31)
1 Locate point A at the intersection of e, and 6’ (Pp)
2 Locate point B on the virgin curve or extension where e = 0.4¢,
3 Connect points A and B with a straight line — this is the corrected virgin curve

Overconsolidated Soil (6°,, < 6°,) (Figure 7-32)

1 Locate point A at the intersection of e, and ¢, (P,)
2 Draw a line from point A parallel to the rebound curve and locate point B where this
line intersects G’ (Py)
3 Locate point C on the virgin curve or extension where e = 0.4e,
4 Connect points B and C with a straight line — this is the corrected virgin curve
R Jo

Corrected
Curve

VOID Laboratory Test Curve
RATIO
e
i By resesie=res e B

>

LOG PRESSURE = LOG p

Figure 7-31, Corrected e-log p Normally Consolidated Curve
(Duncan and Buchignani (1976))
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™|
LOG PRESSURE = LOG p

Figure 7-32, Corrected e-log p Overconsolidated Curve
(Duncan and Buchignani (1976))
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Table 7-21, Correction of the g-log p Curve for Disturbance
(modified from Duncan and Buchignani (1976))

Step | Description
Normally Consolidated Soil (6’,, = 6’;) (Figure 7-33)
1 Locate point A at the intersection of € = 0 and 6", (P;)
2 Locate point B on the virgin curve or extension where € = 0.4
3 Contact points A and B with a straight line — this is the corrected virgin curve

Overconsolidated Soil (6°,, < 6°;) (Figure 7-34)

1 Locate point A at the intersection of € = 0 and &’y (Po")
2 Draw a line from point A parallel to the rebound curve and locate point B where this
line intersects G’ (Py)
3 Locate point C on the virgin curve or extension where € = 0.4
4 Contact points B and C with a straight line — this is the corrected virgin curve
P, =B,
v LOG p
0 %
Corrected
o1}k Curve
0.2  Laboratory Test Curve
82
0.3
04 B
0.5V

Figure 7-33, Corrected g-log p Normally Consolidated Curve
(Duncan and Buchignani (1976))
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Figure 7-34, Corrected g-log p Overconsolidated Curve
(Duncan and Buchignani (1976))

The compression (C. or C,) and recompression (C, or C) indices are determined from the
corrected curves. The compression (C. or C,) index is the slope of the virgin portion of the

corrected curve, either e-log p (C.) or &log p (Cs), over a full logarithmic cycle. The
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recompression index is the slope of the recompression portion of the corrected curve, either e-
log p (C;) or e-log p (Cg) over a full logarithmic cycle. If the slope of either portion of the curve
does not extend over a full logarithmic cycle extend the line in both directions to cover a full
logarithmic cycle.

For preliminary estimates and to verify the results of the consolidation testing the correlations
listed in the following Sections may be used. These correlations should not be used for final
design, except where the GEOR considers the results of the consolidation testing to be
guestionable. The GEOR shall document the reason for the use of the correlations. In addition,
all of the consolidation parameters shall be clearly provided in the geotechnical report.

7.13.2.1 Compression Index
Similarly to the other consolidation parameters, the C. is best determined from consolidation
testing. The Compression Index (C;) has been related to the Atterberg Limits by Tiwari and

Ajmera (2012); however, this correlation should only be used for either preliminary analyses
(first order estimates) or for evaluating the reasonableness of laboratory consolidation testing.

C.=0.014 = (PI) Equation 7-89

Where,
PI = Plasticity Index (%)

The Compression Index may also be related to strain as indicated below.

Cc
(1+eyp)

C.. = Equation 7-90

Where,
e, = Initial void ratio
C. = Compression Index

7.13.2.2 Recompression Index

The Recompression Index (C,) can be correlated to the C. values. Ladd (1973) indicates the C,
value is approximately 10 to 20 percent of the C. value. The Recompression Index may also be
related to strain as indicated by the following equation.

Cr

Cer = (+ey)

Equation 7-91

Where,
€, = Initial void ratio
C; = Recompression Index

7.13.2.3 Secondary Compression Index

Secondary compression occurs after the completion of elastic and primary consolidation
settlements. The amount of secondary compression settlement should be determined and
included in the estimate of total settlement for a given project. The Secondary Compression
Index (C,) like the other consolidation settlement parameters is best determined from
consolidation testing; however, correlations exist that may be used to provide a preliminary
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estimate of secondary compression settlement. In addition, these correlations may be used to
verify the results of the consolidation testing. Provided in Figure 7-35 is a chart of C, versus the
natural moisture content of soil.

0.04
COEFFICIENT OF SECONDARY
COMPRESSION VS WATER CONTENT R

-----

Cu = RATIO OF DECREASE IN SAMPLE WEIGHT __,..--"‘" ;

0.03b— TO INITIAL SANPLE WEIGNT FOR . 7_..-“‘
ONECYCLEOFTIMEON ) -»"

LOG SCALE FOLLOWING o~ AGE
COMPLETION 0F| ,* AVl _J
PRIMARY o o I B P
/'Q"'- < UNDISTURBED SAMPLES:
Co 'N RANGE OF VIRGIN COMPRESSION

L ——— Cy IN RANGE OF RECONPRESSION

0.01 LIES BELOW THIS UPPER LIMIT.

S

FOR CONPLETELY REMOLDED SAMPLES FALLS IN THIS ZONE .

i

NATURAL WATER CONTENT (%) %%

COEFFICIENT OF SECONDARY COMPRESSION (| Ca)

Figure 7-35, Secondary Compression Index Chart
(NAVFAC DM-7.1 (1982))

The Secondary Compression Index may also be related to strain as indicated below.

Cq
(1+eyp)

Coo = Equation 7-92

Where,
€, = Initial void ratio
C, = Secondary Compression Index

For normally consolidated soils, the ratio of the coefficient of secondary compression to the
compression index (C,/C. = C./Cs) is relatively constant for a given soil. On average, the
value of C,/C. is 0.04+0.01 for inorganic clays and silts. For organic clays and silts the value
averages 0.05+0.01. For peats, the value averages 0.06£0.01. These values may be used to
assess actual values from laboratory tests or for preliminary analyses. If the final effective
stress in the ground is less than the preconsolidation stress, the C,; should be used instead of C,
to estimate the coefficient of secondary compression.

7.13.2.4 Consolidation Coefficient

The preceding Sections dealt with the parameters required to determine the amount of
settlement that could be anticipated at a project location; while this Section provides a means to
estimate the time for consolidation settlement. As indicated previously, elastic settlements are
anticipated to occur relatively instantaneously (i.e., during construction) while consolidation
settlements are anticipated to occur at some time after the structure has been completed. The
rate of consolidation is directly related to the permeability of the soil. As with the consolidation
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parameters, the coefficient of consolidation (c,) should be determined from the results of
consolidation testing. Correlations exist that may be used to provide a preliminary estimate of
c,. In addition, these correlations may be used to verify the results of the consolidation testing.
Provided in Figure 7-36 is a chart of ¢, versus the LL of soil.
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Figure 7-36, Consolidation Coefficient and Liquid Limit Relationship
(NAVFAC DM-7.1 (1982))

7.13.2.5 Effective Preconsolidation Stress

The effective preconsolidation stress (c’, or p’c) in soils is used to determine whether to use the
Compression or Recompression Index. The effective preconsolidation stress (c’p) is the
maximum past pressure that a soil has been exposed to since deposition. Similarly to the other
consolidation parameters the ¢’ is best determined from consolidation testing. Correlations
also exist; however, these correlations should only be used for either preliminary analyses (first
order estimates) or for evaluating the reasonableness of laboratory consolidation testing. The
effective preconsolidation stress (c’, or p’c) can be correlated to total cohesion, ¢ (NAVFAC

DM-7.1 (1982)). As with the other consolidation parameters the correlated c’, should be used
for preliminary estimates only.

r c
P " (0.11+0.0037+PI)

o Equation 7-93

The o', can also be estimated from the CPTu using the following equations (Sabatini, et al.
(2002)).
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0';, =0.33%(q; —0,,) Equation 7-94

CPT Piezocone (shoulder element):
o, = 0.53 * (u; —ug) Equation 7-95
o, = 0.60 * (q; — uy) Equation 7-96

7.14 ROCK PARAMETER DETERMINATION

While the shear strength of individual rock cores is obtained from unconfined axial compression
testing, the shear strength of the entire rock mass should be used for design. Therefore, the
shear strength and consolidation parameters for the rock mass shall be developed using both
the GSI and the RMR methods as defined in Chapter 6. In addition, the GEOR should consider
the time rate of rock coring, since typically harder rock masses will take longer to core through
than weaker rock masses. There are many factors besides the strength of the rock that will
affect the time rate of rock coring including condition of the core barrel, the condition of the drill
rig, experience of the driller rig operator in rock operations, etc. The GEOR should be aware of
all of these conditions when developing a profile of the rock encountered at a site.

7.14.1 Shear Strength Parameters

7.141.1 GSI

The rock mass shear strength from the GSI should be evaluated using the Hoek-Brown failure
criterion (Hoek, Carranza-Torres, and Corkum (2002)). The shear strength of the rock mass is
represented by a curved envelope that is a function of the unconfined (uniaxial) compressive
strength of the intact rock, q,, and 2 dimensionless factors. The rock mass compressive shear
strength, t is defined as indicated below. This rock mass compressive shear strength is used in
design, provided there is no structural defect in the rock mass that would predominate over the
rock mass compressive shear strength.

T=(q,*s? Equation 7-97
(GSI—IOO)
s = e\ 9-3D Equation 7-98
1,1 _gst -2
a= 5 + p * (e( 15) — e( 3) Equation 7-99

Where,
gu = Unconfined compressive strength of intact rock specimen
GSI = Geological Strength Index (see Chapter 6)
D = Disturbance factor (see Chapter 6)
e = Mathematical constant (i.e., Euler’s number)

7.14.1.2 RMR
The rock mass shear strength should be evaluated using the Hoek and Brown criterion as

presented in AASHTO LRFD Specifications. The shear strength of the rock mass is
represented by a curved envelope that is a function of the unconfined (uniaxial) compressive
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strength of the intact rock, q,, and 2 dimensionless factors. The rock mass shear strength, t, (in
ksf) is defined as indicated below.

T = (cotd’; — cosd’;) *m *

3 Equation 7-100

-1
ro_ _1 2 .1 (‘_3) _ (2) _ ]
¢ =tan" " {4h x cos“ |30+ 0.33 xsin”" " ( h\2 1 Equation 7-101

[16%(mx0y+5%qy,)]

h=1+

Equation 7-102

3emZeqy

Where,
¢';= instantaneous friction angle of the rock mass (degrees)
gy = average unconfined rock core compressive strength (ksf)
o', = effective normal stress (ksf)
m and s = Constants, from Table 7-22

Table 7-22, Constants m and s based on RMR
((AASHTO LRFD Specifications (2017))

Rock Type:
A = Carbonate rocks with well-developed crystal cleavage —
dolomite, limestone and marble
B = Lithified argillaceous rocks — mudstone, siltstone, shale and
o | slate (normal to cleavage)
% C = Arenaceous rocks with strong crystals and poorly developed
Rock Quality % | crystal cleavage — sandstone and quartzite
S | D = Fine-grained polyminerallic igneous crystalline rocks —
O | andesite, dolerite, diabase and rhyolite
E = Coarse-grained polyminerallic igneous and metamorphic
crystalline rocks — amphibolite, gabbro, gneiss, granite, norite,
and quartz-diorite
A B C D E
Intact rock samples m 7.00 10.00 15.00 17.00 25.00
RMR =100 S 1.00 1.00 1.00 1.00 1.00
Very good quality rock mass | m 2.40 3.43 5.14 5.82 8.567
RMR =85 S 0.082 0.082 0.082 0.082 0.082
Good quality rock mass m 0.575 0.821 1.231 1.395 2.052
RMR =65 S 0.00293 0.00293 0.00293 0.00293 0.00293
Fair quality rock mass m 0.128 0.183 0.275 0.311 0.458
RMR =44 S 0.00009 0.00009 0.00009 0.00009 0.00009
Poor quality rock mass m 0.029 0.041 0.061 0.069 0.102
RMR = 23 s 3*10° 3*10° 3*10° 3*10° 3*10°
Very poor quality rock mass m 0.007 0.010 0.015 0.017 0.025
RMR =3 s 110 1*10” 110" 1*10” 110"

7.14.2 Settlement Parameters

Rocks will primarily undergo elastic settlements. The elastic settlements will be instantaneous
and considered recoverable. These settlements are calculated using elastic theory. The
determination of elastic settlements is provided in Chapter 17. In the determination of the
elastic settlements, the elastic modulus of the rock mass, E,,, is required.
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7.14.21 GSI

The elastic modulus of a rock mass, E,, is the lesser of modulus determined from intact rock
core testing, Eg, or from the equations below (Turner (2006)).

p (GSI—IO)
q, < 100MPa E, = [( ’ﬁ) * 10\ 40 ] Equation 7-103
(GSI—IO)
q, > 100MPa E,, =10\ 40 Equation 7-104
GSI
E, = % * (Jm)) Equation 7-105

Where,
gu= unconfined (uniaxial) compressive strength of the intact rock, MPa
E., = elastic modulus of rock mass, GPa
Er = elastic modulus of intact rock, GPa
1MPa = 10.44 tsf = 20.88 ksf
1GPa = 145 ksi

7.14.2.2 RMR

The elastic modulus of a rock mass is the lesser of modulus determined from intact rock core
testing or from the equations below (AASHTO LRFD Specifications).

RMR < 85
(RMR—IO)
E,, =145« (10 40 ) Equation 7-106
60 < RMR < 85
E,, = (290 x RMR) — 14,500 Equation 7-107
Where,

E., = Elastic modulus of rock mass, ksi
RMR = Adjusted Rock Mass Rating from Chapter 6

For RMR greater than or equal to 85 (RMR = 85), use either the modulus determined from intact
rock core testing or 10,150 ksi whichever is less.

7.15 SCOUR
This Section of the GDM is concerned with the soil and rock properties that are provided to the

HEOR for use in scour analysis and design. According to the AASHTO Transportation Glossary
(2009) scour is defined as:

The washing away of streambed material by water channel flow. General
(contraction) scour occurs as a result of a constriction in the water channel
openings; local scour occurs as a result of local flow changes in a channel due to
constrictions caused by the presence of bridge piers or abutments.
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Scour is typically determined during 2 different hydraulic events; typically the 100-year flow
(design flood) event and the 500-year flow (check flood) event. The scour caused by the design
flood is used in the Strength and Service limit state checks; while the check flood is part of the
Extreme Event Il limit state check (see Chapter 8 for more discussion on limit states).
Regardless of the flow event used to determine scour, certain soil and rock properties are
required to be provided to the HEOR for use in analysis and design. According to the SCDOT
Requirements for Hydraulic Design Studies (HDS) (2009), “Scour analysis will be performed
for all bridge type (bridge, wall and culverts) structures that are exposed to storm event
waters, utilizing USGS envelope curves and methods found in HEC-18.”

7.15.1 Soall

As required in Chapter 4, grain-size analyses including hydrometers are to be conducted on
samples within the potential scour zone both at the interior bents of the bridge as well as at the
end bents of the bridge. For each grain-size test performed, the Ds, shall be reported in
millimeters to the HEOR.

7.15.2 Rock

In addition to classifying rock using the RMR and GSI systems, rock should also be classified in
regards to the erosion potential of the rock to flowing water. Fortunately, most of the information
previously used to describe the rock using the RMR and GSI systems is used to describe the
erodibility of the rock. Arneson, Zevenbergen, Lagasse, and Clooper (2012) use the Erodibility
Index to describe this erodibility of rock. The Erodibility Index, K, is determined using the
following equation. The GEOR shall coordinate with the HEOR to determine when K is required
and how K will be communicated between the GEOR and HEOR.

K=(M;)x*(Kp)* Ky *Js) Equation 7-108

Where,
Ms = Intact rock mass strength parameter
Ky = Block size parameter
K4 = Shear strength parameter
Js = Relative orientation parameter

The intact rock mass strength parameter, M;, is related to the unconfined compressive strength
as indicated in Table 7-23.

According to Arneson, et al. (2012):

Joint spacing and the number of joint sets within a rock mass determines the
value of K, for rock. Joint spacing is estimated from borehole data by means of
the rock quality designation (RQD) and the number of joint sets is represented by
the joint set number (J,). The values of the joint set numbers (J,) are found in
Table 7-24. As seen in the table, J, is a function of the number of joint sets,
ranging from rock with no or few joints (essentially intact rock), to rock formations
consisting of one to more than 4 joint sets. The classification accounts for rock
that displays random discontinuities in addition to regular joint sets. Random joint
discontinuities are discontinuities that do not form regular patterns. For example,
rock with two joint sets and random discontinuities is classified as having 2 joint
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sets plus random. Having determined the values of RQD and J,, K, is calculated
as:

RQD
K, =
b=,

Equation 7-109

The discontinuity or shear strength number (K,) is the parameter that represents
the relative strength of discontinuities in rock. In rock, it is determined as the ratio
between joint wall roughness (J;) and joint wall alteration (J,), where J;
represents the degree of roughness of opposing faces of a rock discontinuity,
and J, represents the degree of alteration of the materials that form the faces of
the discontinuity. Alteration relates to amendments of the rock surfaces, for
example weathering or the presence of cohesive material between the opposing
faces of a joint. Values of J, and J, can be found in Tables 7-25 and 7-26. The
values of Ky calculated with the information in these tables change with the
relative degree of resistance offered by the joints. Increases in resistance are
characterized by increases in the value of Ky The shear strength of a
discontinuity is directly proportional to the degree of roughness of opposing joint
faces and inversely proportional to the degree of alteration.

Kd=]_r

Equation 7-110
Ja

Table 7-23, Values of Rock Mass Strength Parameter, Mg
(Arneson, et al. (2012))

. Mass
Unconfined Strenath
Strength/Hardness Recognition Compressive Numbger
Strength (psi) M '
S
Extremely Weak Material crumbles under firm
Rogk Very Soft Rock (moderate) blows from sharp <250 0.87
end of geological pick
Very Weak Rock Very Soft Rock Can be peeled with knife 250 — 480 1.86
Weak Rock Soft Rock Can just be _scrapeq and 480 — 950 3.95
peeled with a knife
Medium Stron Indentations up to 3/16-inch in
9 Soft Rock specimen with firm (moderate) 950 - 1,915 8.39
Rock ; .
blows of pick point
Cannot be scraped or peeled
with knife; specimen can be
Strong Rock Hard Rock broken with hammer end of 1,915 - 3,825 17.70
geological pick with a single
firm (moderate) blow
Specimen breaks with
Very Strong Rock Very Hard Rock hammer end of pick under 73688255__175;638050 388
more than 1 blow ' ' '
Many blows with geological
Extremely Strong Extremely Hard pick to break through intact > 30,750 280.0
Rock Rock material
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Table 7-24, Rock Joint Set Number J,

(Arneson, et al.

(2012))

Number of Joint Sets

Joint Set Number, J,

Intact, no or few joint/fissures 1.00
One joint/fissure set 1.22

One joint/fissure set plus random 1.50
Two joint/fissure sets 1.83

Two joint/fissure sets plus random 2.24
Three joint/fissure sets 2.73
Three joint/fissure sets plus random 3.34
Four joint/fissure sets 4.09
Multiple joint/fissure sets 5.00

Table 7-25, Joint Roughness Number, J,

(Arneson, et al.

(2012))

Condition of Joint

Joint Roughness Number,

Jr

Stepped Joints/fissures 4.0

Rough or irregular, undulating 3.0

Smooth undulating 2.0

Slickensided undulating 1.5

Rough or irregular, planar 1.5

Smooth planar 1.0

Slickensided planar 0.5

Joints/fissures either open or containing relatively soft gouge of sufficient 10
thickness to prevent joint/fissure wall contact upon excavation )

Shattered or micro-shattered clays 1.0

Table 7-26, Joint Alteration Number, J,

(Arneson, et al. (2012))
Joint Alteration Number, J, for Joint
Description of Gouge Separation (mm)
1.00" 1.01 — 5.00° >5.01°
Tightly healed, hard, non-softening impermeable filling 0.75 - -
Unaltered joint walls, surface staining only 1.0 - -
Slightly altered, non-softening, non-cohesive rock mineral
I 2.0 2.0 4.0
or crushed rock filling
Non-softening, slightly clayey non-cohesive filling 3.0 6.0 10.0
Non-softening, strongly over-consolidated clay mineral -
- ) X 3.0 6.0 10.0
filling, with or without crushed rock
Softening or low fncypn clay mm_eral coatings and small 40 8.0 13.0
guantities of swelling clays
Softening moderately over-consolidated clay mineral -
- . ) 4.0 8.0 13.0
filling, with or without crushed rock
Shattered or mlcro—s_hattered (swelling) clay gouge, with 50 10.00%* 18.0
or without crushed rock

Joint walls effectively in contact.

2Joint walls come into contact after approximately 100 mm shear.

®Joint walls do not come into contact at all upon shear.

**Also applies when crushed rock occurs in clay gouge without rock wall contact.

Relative orientation, in the case of rock, is a function of the relative shape of the
rock and its dip and dip direction relative to the direction of flow. The relative
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orientation parameter Js represents the relative ability of earth material to resist
erosion due to the structure of the ground. This parameter is a function of the dip
and dip direction of the least favorable discontinuity (most easily eroded) in the
rock with respect to the direction of flow, and the shape of the material units.
These 2 variables (orientation and shape) affect the ease by which the stream can
penetrate the ground and dislodge individual material units.

Conceptually, the function of the relative orientation parameter Js incorporating
shape and orientation is as follows. If rock is dipped against the direction flow, it
will be more difficult to scour the rock than when it is dipped in the direction of
flow. When it is dipped in the direction of flow, it is easier for the flow to lift the
rock, penetrate underneath and remove it. Rock that is dipped against the
direction of flow will be more difficult to dislodge. The shape of the rock,
represented by the length to width ratio r, impacts the erodibility of rock in the
following manner. Elongated rock will be more difficult to remove than equi-sided
blocks of rock. Therefore, large ratios of r represent rock that is more difficult to
remove because it represents elongated rock shapes. Values of the relative
orientation parameter Js are provided in Table 7-27.
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Table 7-27, Relative Orientation Parameter, Jg
(Arneson, et al. (2012))

Dip Angle
of Closer
Dip Direction of Closer Spaced Joint Set Spaced Ratio of Joint Spacing, r
Joint Set
(degrees)
Dip Direction Dip Angle | Ratio 1:1 | Ratio 1:2 Rf‘_tA'fo Rf‘_téo
180/0 90 1.14 1.20 1.24 1.26
In direction of stream flow 89 0.78 0.71 0.65 0.61
In direction of stream flow 85 0.73 0.66 0.61 0.57
In direction of stream flow 80 0.67 0.60 0.55 0.52
In direction of stream flow 70 0.56 0.50 0.46 0.43
In direction of stream flow 60 .050 0.46 0.42 0.40
In direction of stream flow 50 0.49 0.46 0.43 0.41
In direction of stream flow 40 0.53 0.49 0.46 0.45
In direction of stream flow 3 0.63 0.59 0.55 0.53
In direction of stream flow 20 0.84 0.77 0.71 0.67
In direction of stream flow 10 1.25 1.10 0.98 0.90
In direction of stream flow 5 1.39 1.23 1.09 1.01
In direction of stream flow 1 1.50 1.33 1.19 1.10
0/180 0 1.14 1.09 1.05 1.02
Against direction of stream flow -1 0.78 0.85 0.90 0.94
Against direction of stream flow -5 0.73 0.79 0.84 0.88
Against direction of stream flow -10 0.67 0.72 0.78 0.81
Against direction of stream flow -20 0.56 0.62 0.66 0.69
Against direction of stream flow -30 0.50 0.55 0.58 0.60
Against direction of stream flow -40 0.49 0.52 0.55 0.57
Against direction of stream flow -50 0.53 0.56 0.59 0.61
Against direction of stream flow -60 0.63 0.68 0.71 0.73
Against direction of stream flow -70 0.84 0.91 0.97 1.01
Against direction of stream flow -80 1.26 1.41 1.53 1.61
Against direction of stream flow -85 1.39 1.55 1.69 1.77
Against direction of stream flow -89 1.50 1.68 1.82 1.91
180/0 -90 1.14 1.20 1.24 1.26

Notes:

1. For intact material take Js = 1.00

2. For values of r greater than 8 take J; as forr =8

3. If the flow direction, FD, is not in the direction of the true dip, TD, the effective dip, ED, is determined by
adding the ground slope, GS, to the apparent dip AD: ED = AD + GS

7.16 DYNAMIC PROPERTIES — GENERAL

Soil and rock dynamic properties are required in developing the site characterization model.
The site characterization model is used in the development of the site response analysis under
the EE | limit state. Chapter 12 provides details on conducting a site response analysis. The
static site characterization model (i.e., subsurface profile) has been developed in Section 7.4.
This static model forms the basis for the dynamic site characterization model. The dynamic site
characterization model consists of the following soil parameters:

e Initial (small strain) dynamic shear modulus.
e The small strain viscous damping ratio.
e Shear modulus reduction and strain-dependent hysteretic damping characteristics.
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¢ Dynamic shear strength.
e Liguefaction (SSL) resistance parameters.
e Post-liquefaction (post-SSL) residual shear strength.

These parameters may be developed using the standard geotechnical exploration as indicated
in Chapter 4. Further these parameters may be developed using more advanced in-situ testing
techniques or from geophysical surveys. The CPTu is beneficial in the development of the
dynamic site characterization because the CPTu can identify thin (~3-inch thick) layers that
might be missed in the standard soil test boring. However, it is possible to discover these thin
layers in standard soil test borings using continuous sampling techniques and careful logging of
each sample obtained. These thin layers, if continuous, could consist of weak or potentially
liquefiable soils that could lead to slope instability issues.

The ideal dynamic site characterization profile should extend to competent bedrock. Competent
bedrock is defined as having a shear wave velocity of at least 2,500 feet per sec (ft/s), which is
indicative, of the B-C Boundary (see Chapter 12). The physical properties (static and dynamic)
of the soil should be known over the entire interval from the ground surface to the top of the
competent rock. However, in most of the South Carolina, this will not be possible because of
the depth of the B-C Boundary. Therefore, the physical properties (static and dynamic) shall be
developed for the deepest testing location within the project limits. Because the B-C Boundary
is typically found at deeper depths in the Coastal Plain (see Chapter 11), the profile from
beneath the deepest boring to the top of the B-C Boundary may be established using previously
obtained data. Contact the PC/GDS for this additional data.

7.17 SOIL DYNAMIC PROPERTIES

The same parameters used to describe soil properties used in static analyses are the same for
seismic analyses. During a geotechnical subsurface investigation conducted in accordance with
this Manual, the following information should be obtained for each soil layer of interest:

Soil classification.

Index parameters (LL, PL, PI, w, etc.).

Unit weight of the soil (g, Ymax, €tc.).
Compressibility parameters (Ce, C,, 'y, €tc.).
Shear strength parameters (¢, c, ¢', ¢’, etc.).

For a site response analysis the following seismic parameters will be required:

Consistency of the sail (e.g., relative density, D,, or overconsolidation ratio, OCR).
Shear wave velocity, Vs, or initial (small strain) shear modulus, Gy ax.
Cyclic stress-strain behavior.

Residual shear strength, t,.

»PwnpE

7.17.1 Soil Consistency

The consistency of the soil is composed of 2 indicators, relative density, D,, for Sand-Like soils
and the overconsolidation ratio, OCR, for Clay-Like soils. The D, can be determined from the
following equation,

1_Ydmin
_ ©max—€o __ Yd .
Dr =— —— = _Tmoin * 100% Equation 7-111
€max—€min 1 Y—d
max
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Where,
€max = Maximum void ratio
€min = Minimum void ratio
e, = In-situ void ratio
Yamax = Maximum dry unit weight
Yamin = Minimum dry unit weight
Ydo = IN-Situ dry unit weight

The information required to develop the D, using Equation 7-111 must be obtained through
relative density testing and consolidation testing (see Chapter 5); therefore, the D, is normally
correlated to the SPT N-value or the CPTu tip resistance (see 7.8.3). The D, is normally used
on cohesionless (coarse-grained) soils.

As discussed previously, the OCR is the ratio of the past effective overburden to the existing
overburden and is typically used for Clay-Like (fine-grained) soils. Table 7-7 indicates that soils
with OCRs greater than 1 are overconsolidated; however, in addition to the OCR, the sensitivity,
S;, is also required. S; and OCR are used in Chapter 13 in the selection of the residual shear
strength to be used in design. Soils with a S; less than 5 use a cyclic residual shear strength,
while soils with a S; greater than or equal to 5 use the remolded shear strength.

7.17.2 Shear Wave Velocity/Initial Shear Modulus

One of the required soil properties needed to perform a soil response analysis is the soll
stiffness.  Soil stiffness is characterized by either small-strain shear-wave velocity, Vs, or
small-strain shear modulus, Gnax. The measurement of Vs is required in Chapter 4 and is
measured in the field as indicated in Chapter 5 and reported as indicated in Chapter 6. The
small-strain shear wave velocity, Vs, is related to small-strain shear modulus, Gu.x, by the
following equation.

Goax = P * V2 Equation 7-112
p= % Equation 7-113

Where,
V; = Shear wave velocity of the solil, feet per sec (ft/s)
p = Mass density of the soil, (pound*second squared) per square foot ((Ib*s?)/ft?)
v: = Total unit weight, pounds per cubic foot (Ib/ft’)
g = Acceleration due to gravity, 32.174 feet per second squared (ft/s?)

The Theory of Elasticity relates Gna to the small strain Young’'s modulus, E., as a function of
the Poisson’s ratio, v, using the following equation:

Enax =2*(1+V) *Gpux Equation 7-114

Poisson’s ratio for uncemented Sand-Like materials may be assumed to be approximately 0.35
and for Clay-Like materials Poisson’s ratio may be assumed to be approximately 0.48. For
transitional materials, review the Pl as indicated in Table 7-6 and determine whether the soil will
behave as either a Sand-Like material or a Clay-Like material. Alternately, the Poisson’s ratio
may be determined from the results of geophysical testing using the following equation:
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Equation 7-115

Where,
Vs = Shear wave velocity, ft/sec
V, = Compression wave velocity, ft/sec

Typical values of small-strain shear wave velocity, Vs, and small-strain shear modulus, G, for
various soil types are shown in Table 7-28.

Table 7-28, Typical Small-Strain Shear Wave Velocity and Initial Shear Modulus
(Based on Hunt (2005) and Kavazanjian, Matasovic, Hadj-Hamou, and Wang (1998))

Mass Total Unit ) .
_ Density, Weight, Small—stram.Shear Initial Shear Modulus,
Soil Type 0 Y Wave Velocity, Vs Gmax
t
kg/m® pcf m/s ft/s kPa psi
130 — 2,600 — 400 —
Soft Clay 1,600 100 40 -90 300 13,000 2.000
. 210 - 7,000 — 1000 —
Stiff Clay 1,680 105 65 — 140 500 33,000 5.700
420 — 28,400 — 4,000 —
Loose Sand 1,680 105 130 — 280 920 131,700 19,200
Dense Sand and 650 — 70,400 — 10,000 —
Gravel 1,760 110 200 - 410 1,350 300,000 43,300
Residual Soil 1,000 — 180,000 — 27,000 —
(PWR, IGM) 2,000 125 300 - 600 2,000 720,000 108,000
Piedmont
Metamorphic and
Igneous Rock 760 — 2,500 —
(Highly — 3,000 10,000
Moderately
Weathered) 2,500 155 2124g800806 20496800006
0 <RQD <50 600 2,000 DN B
RQD =65 760 2,500
RQD=80® 1,500 5,000
RQD=90® 2,500 8,000
RQD = 100 ¥ 3,400 11,000
Basement Rock
(Moderately 2,600 165 > 3,400 > 11,000 > 30,000 > 4,300,000
Weathered to Intact)

@ Typical Values, Linear interpolate between RQD values

When site-specific shear wave velocities, Vs, are not available or need to be supplemented, an
estimation of the shear wave velocity, Vs, can be made by the use of correlations with in-situ
testing such as the SPT or the CPTu. Procedures for estimating dynamic properties of soils
have been developed by Andrus, Hayati, and Mohanan (2009). The procedures for correlating
SPT and CPTu results with shear wave velocity, Vs, have been summarized in Sections
7.17.2.1 and 7.17.2.2, respectively. These correlated Vs are for Holocene age clean sands. In
addition, Vs is also normalized to 1.0 tsf overburden (Vs1). Therefore, (Vs)meas requires
correction for fines content and normalization for overburden using the following equations.

(Vs'l'cs)meas = Cst * Kcvs * (Vs)meas Equation 7-116
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1025
Chys = (—) <14 Equation 7-117

oy
(Vs1), 0o = Chvs * (Vs)meas Equation 7-118

Kevs Should only be applied to Vs less than or equal to 1,300 ft/sec. For Vs greater than 1,300
ft/sec, set Ks equal to 1.0.

Where,
o'y, = Effective normal stress, tsf

FC<5%
K.s=10 Equation 7-119
5% < FC<35%
K.,s=1+(FC—-5)*T Equation 7-120
35% < FC
K.s =1+30=T Equation 7-121
Where,
2

(stl)meas

_ (stl)meas
T=0.009—-0.0109 * [T] + 0.0038 [ 328

] Equation 7-122

7.17.2.1 SPT - Shear Wave Velocity, Vs, Estimation

Andrus, et al. (2009) have developed a correlation for determining Vs cs from Nygocs, where
N1 e0,cs IS the standard penetration resistance normalized for overburden pressure and corrected
for energy and fines content. N g0 is obtained from Equation 7-6. Njgocs IS obtained from the
following equation.

Nisocs =a+ B (N1,60) Equation 7-123

Where,

FC<5%
a=0.0 =10 Equation 7-124

5% < FC <35%

o = e(1.76—%) Fcls

Equation 7-125
1000

B =0.99 +
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35% < FC
a=25.0 p=1.2 Equation 7-126
Where,
0.253
(Vsacs)gpp = 288 * (N160cs) Equation 7-127
Where,

(Vs1.cs)ser = Corrected and normalized shear wave velocity based on SPT N-values for
uncemented, Holocene age sands, ft/sec

7.17.2.2 CPTu - Shear Wave Velocity, Vs, Estimation

Similarly to the N-value correlation presented previously for Vs, Andrus, et al. (2009) have
developed a correlation between Vg and giincs- Use Equation 7-9 to develop 0.
Normalization of q;, is required and determined using the following equation.

qdi1N = % Equation 7-128
a

Where,
g1 = Corrected tip resistance, tsf
P, = Atmospheric pressure, assumed to be 1.0 tsf

Therefore, g;1n.cs IS determined using the following equation.

qeincs = Ke*qean Equation 7-129
Where,
I.<1.64
K. =10 Equation 7-130
I. > 1.64 Equation 7-131
K.=-0.403 + (I.))*+5.581 % (I.))3 —21.631+ (I,)* +33.75* (I,)
—17.88
Where,

Ic = Soil Behavior Type (see Equation 7-17)

Once ;1 .cs IS determined the (Vs 1.cs)cer may be determined using the following equation.

(Vs,l,CS)CPT = 205 * (qt,1,1v,cs)0.231 Equation 7-132

Where,
(Vs1cs)cpr = Corrected and normalized shear wave velocity based on CPT tip
resistances for uncemented, Holocene age sands, ft/sec
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7.17.3 Cyclic Stress-strain Behavior

An additional requirement of the site response analysis is an understanding of how the cyclic
loading of the design seismic event (EE | limit state) affects the stress-strain behavior of the
soil. This stress-strain behavior of soil is complex due to the cyclic ground motions induced by
the design seismic event (i.e., strong motion). Figure 7-37 provides a schematic of this
complexity. In Step 1, the soil element is sheared toward the right, while in Step 2, the soil
element is sheared toward the left. While the soil element is sheared right and left, the shear
wave that causes this shearing is considered to be vertically propagating and is considered to
be normal to the ground surface.

NGRS
I
S
Ky —e j]l I
e s
a,
4—1—»' EARTHQUAKE SHAKING
o, b
e | ot
ey X
ot SRR, S
STEP@: FIRST HALF WAVE STEP @ : SECOND HALF WAVE

Figure 7-37, Stresses Induced in a Soil Element by Vertical Shear Wave
(Kavazanjian, et al. (2011))

The cyclic shearing stress and strain, t. and ., is generally considered to be the source of most
of the damage caused by a seismic event. The response of the soil to cyclic shear stress and
strain is commonly characterized by hysteresis. Figure 7-38 shows a hysterical loop for uniform
cyclic loading. This hysteretic loop would apply to soil that is perfectly elastic, but soils are not
perfectly elastic and will deform (strain) under the induced shear loading. Therefore, the
hysteretic loop “leans” toward increasing shear strain, both positive and negative. A line drawn
through the tips of each hysteretic loop is called a “backbone curve” (see Figure 7-38). This
“backbone curve” further indicates that under cyclic loading soils will behave non-linearly (i.e.,
inelastically), but for easier understanding and modeling of the soil in these loading conditions
an equivalent linear model is used. The following equation shows that the shear modulus, G, of
the soil is related directly to the cyclic shear stress and strain:

G = % Equation 7-133
c
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Where,
1. = Cyclic shear stress
vc = Cyclic shear strain

As can be seen in Figure 7-38, Gnax OCcurs at zero shear strain (y. = 0) at least theoretically.
However, in reviewing Equation 7-133 at y. = 0, Gnax has no solution; therefore, Gnax is normally
determined at very small shear strains, y. = 10 or smaller.

Figure 7-38, Hysteretic Stress-Strain Loop for Uniform Cyclic Loading
(Kavazanjian, et al. (2011))

According to Kavazanijian, et al. (2011):

The equivalent-linear model represents non-linear hysteretic soil behavior using
an equivalent shear modulus, G, equal to the slope of the line connecting the tips
of the hysteresis loop and an equivalent viscous damping ratio, A, proportional to
the enclosed areas of the loop. ... The shear strain dependence of the equivalent

modulus and damping ratio are described by the modulus reduction and damping
curves shown in Figure 7-39.
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Figure 7-39, Example Shear Modulus Reduction and Damping Ratio Curve
(Kavazanjian, et al. (2011))

7.17.3.1 Shear Modulus Reduction Curves

Shear modulus reduction curves are typically presented as normalized shear modulus, G/Gax

versus cyclic shear strain (y;). These curves are used for performing site-specific response
analyses. These shear modulus reduction curves are primarily influenced by the strain
amplitude, confining pressure, soil type, and plasticity. The shear modulus reduction curve is
typically obtained by using a hyperbolic model. A modified hyperbolic model by Stokoe,
Darendeli, Andrus and Brown (1999) has been used by Andrus, et al. (2003) to develop shear
modulus reduction curves for South Carolina soils. The hyperbolic model by Stokoe, et al.
(1999) is shown in the following equation.

G . 1 |
/Gmax B 1+(y_c)“ Equation 7-134

Ycr
Where,
a = Curvature coefficient
Y. = Cyclic shear strain
Yer = Cyclic reference shear strain

The curvature coefficient, a, and cyclic reference shear strain, y,, have been estimated by
Andrus, et al. (2003) to provide the most accurate values for South Carolina Soils. Because it

was found that the cyclic reference shear strain, y., varied based on effective confining
pressure, Y. values are computed using cyclic reference shear strain at 1 tsf (100 kPa, 1 atm),
Yer1, @S shown in the following equation.

k

m

!
Yer =VYer1 * (P_a) Equation 7-135
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The mean confining pressure, ¢y, at depth (Z) is computed as shown in Equation 7-136 in units
of kPa, where P, is the reference pressure of 100 kPa, and k is an exponent that varies based
on the geologic formation and Pl. Laboratory studies by Stokoe, Hwang, Darendeli, and Lee

(1995) indicate that the mean confining pressure, ¢'n, values of each layer within a geologic unit
should be within £50 percent of the range of c’,, for the major geologic unit.

’ ’ 1+2+K, .
Om =0y * 3 Equation 7-136
Where,

o’y = Vertical effective pressure, kPa
K, = At-rest earth pressure coefficient

The K, is defined as the ratio of horizontal effective pressure, o'y, to vertical effective pressure,
o’y and is discussed in greater detail in Chapter 18. Values for the reference strain at 1 tsf (100

kPa, 1 atm), v, curvature coefficient, a, and k exponent are provided for South Carolina soils
based on Andrus, et al. (2003) in Table 7-29.
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Table 7-29, Recommended Values y.;, a, and k for SC Soils
(Andrus, et al. (2003))

Geologic Age and Soil Plasticity Index, Pl (%)
Location of Variable
Deposits @ 0 15 30 50 100 150
Yer1 (%) 0.073 0.114 0.156 0.211 0.350 0.488
Holocene a 0.95 0.96 0.97 0.98 1.01 1.04 @
k 0.385 0.202 0.106 0.045 0.005 | 0.001 ¢
_ Yer1 (%) 0.018 0.032 0.047 0.067 0.117 0.166
Pleistocene a 1.00 1.02 1.04 1.06 113 1.19
(Wando)
k 0.454 0.402 0.355 0.301 0.199 0.132
Tertiary Yor1 (%) 0.030® | 0.049 | 0.096?
Ashley Formation o 1109 1.15 1.28
(Cooper Marl) k — | 0497@ ] 0455 [0362@ | -
Yers (%) 0.023 | 0.041 @
Tertiary . @ -
(Stiff Upland Soils) o 100 | 1.00
k 0.102 | 0.045®
Tertiary YVert (%) 0.038 0.058 0.079 0.106 | 0.174©@
(All soils at SRS ?)
except Stiff Upland a 1.00 1.00 1.00 1.00 1.00 2
Soils) k 0.277 0.240 0.208 0.172 | 0.106 @
Tertiary Ve (%) | 0.029 0.056 0.082 0.117 | 0.205%
(Tobacco Road, a 1.00 1.00 1.00 1.00 1.00 ¥
Snapp) k 0.220 0.185 0.156 0.124 | 0.070 @
(so Eelrtia{jys ' Yer1 (%) 0.047 0.059 0.071 0.086 | 0.125@
oft Upland Sails,
Dry Branch, Santee, a 1.00 1.00 1.00 1.00 1.00 ¥
Warley Hill,
Congaree) k 0.313 0.299 0.285 0.268 | 0.229
. _ Yerr (%) | 0.040 0.066 | 0.093% | 0.129®
Res'g:‘;‘:r Soiland o 072 | o080 | o089 | 101® | -
k 0.202 0.141 0.099 | 0.061®

@ SRS = Savannah River Site

@ Tentative Values — Andrus et al. (2003)

The procedure for computing the G/Gnax correlation using Equation 7-134 is provided in Table
7-30.
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Table 7-30, Procedure for Computing G/Gp,ax

Step Procedure Description

1 Perform a geotechnical subsurface exploration and identify subsurface soil geologic units,
approximate age, and formation.
2 Develop soil profiles based on geologic units, soil types, average PIl, and soil density.
Subdivide major geologic units to reflect significant changes in Pl and soil density. ldentify
design ground water table based on seasonal fluctuations and artesian pressures.
3 Calculate the average ¢, and determine the corresponding +50% range of ', for each major
geologic unit using Equation 7-136.
4 Calculate o', for each layer within each major geologic unit. If the values for ', of each layer
are within a geologic unit's +50% range of ¢’y (Step 3) then assign the average o', for the
major geologic unit (Step 3) to all layers within it. If the ¢’y, of each layer within a geologic unit
is not within the +50% range of G’ for the major geologic unit, then the geologic unit needs to
be “subdivided” and more than one average ', needs to be used, provided the o', remain
within the £50% range of &'y, for the “subdivided” geologic unit.

S Select the appropriate values for each layer of cyclic reference strain, y¢, at 1 tsf (1 atm),

curvature coefficient, a, and k exponent from Table 7-29. These values may be selected by
rounding to the nearest PI value in the table or by interpolating between listed Pl values in the
table.

6 Compute the cyclic reference strain, y., based on Equation 7-135 for each geologic unit (or
“subdivided” geologic unit) that has a corresponding average G'p.
7 Compute the design shear modulus reduction curves (G/G,.) for each layer by substituting

cyclic reference strain, y., and curvature coefficient, a, for each layer using Equation 7-134.
Tabulate values of normalized shear modulus, G/G,,x with corresponding cyclic shear strain,

Y., for use in a site-specific response analysis.

7.17.3.2 Equivalent Viscous Damping Ratio Curves

Equivalent Viscous Damping Ratio curves are presented in the form of a Soil Damping Ratio, Al
vs. Shear Strain, y. The Soil Damping Ratio represents the energy dissipated by the soil and is
related to the stress-strain hysteresis loops generated during cyclic loading. Energy dissipation
or damping is due to friction between soil particles, strain rate effects, and nonlinear behavior of
soils. The damping ratio is never zero, even when soils are straining within the linear elastic
range of the cyclic loading. The damping ratio, A, is constant during the linear elastic range of
the cyclic loading and is referred to as the small-strain material damping, Ami». The small-strain
material damping, Amin, can be computed using the equations developed by Stokoe, et al.
(1995).

12 —0.5xk
Om

Amin = Amint * (P_a) Equation 7-137

Where Amin: is the small-strain damping at ¢’y, of 1 tsf (1 atm). The mean confining pressure,
om, at depth (Z) is computed as shown in Equation 7-136 in units of kPa. The k exponent is
provided for South Carolina soils based on Andrus, et al. (2003) in Table 7-29. A relationship
for Amin1 based on soil plasticity index, PI, and fitting parameters “a” and “b” for specific geologic
units has been developed by Darendeli (2001) as indicated in Figure 7-40. Values for Amin1,

'Editor's Note: In the previous versions of this Manual, the Soil Damping Ratio was identified using “D”,
as indicated in Andrus, et al. (2003). The Soil Damping Ratio has also been identified using “€” in Kramer
(1996) and “A” in Kavazanjian, et al. (2011). To be consistent with current NHI standards “A” will be used
to identify Soil Damping Ratio in this version of the GDM.
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small-strain damping @ ¢, = 1 atm are provided for South Carolina soils based on Andrus, et
al. (2003) in Table 7-33.

¢ Holocene (a=0.014, b=1.09)

A Pleistocene (a = 0.005, b= 0.59)

® Tertiary: stiff Upland soils (¢ = 0.022, 5= 0.30)

B Tertiary: alll SRS soils except stiff Upland soils (@ =0.017, 6= 0.68)

2 F------—-—--- e e e e e B

0

100 kPa., Dmfm'. %

Fittine Equation:
D i1 =a*PI+b

'
m

|
I
I
I
|
I
I
I
|
I
I
I
| —
—
1
|
|
|
|
|

Dmin at a

No TS data available for Pleistocene soils.

Estimated from data of other geologic units.

0 30 60 90 120 150
Solil Plasticity Index, PI, %

Note: Dmint = Amint
Figure 7-40, Anin1, Small-Strain Damping @ o', = 1 atm
(Andrus, et al. (2003))

Table 7-31, Recommended Value Anint (%) for SC Soils
(Andrus, et al. (2003))

. . . Soil Plasticity Index, Pl (%)
Geologic Age and Location of Deposits ) 15 20 0 100 150
Holocene 1.09 1.29 1.50 1.78 2.48 | 3.18W"
Pleistocene (Wando) 0.59 0.66 0.73 0.83 1.08 1.32
Tertiary e ® ©
Ashley Formation (Cooper Marl) 1.14 1.52 2.49
Tertiary @
(Stiff Upland Soils) 098 | 142
Tertiary @)
(All soils at SRS except Stiff Upland Soils) 0.68 0.94 1.19 1.53 231
Tertiary @)
(Tobacco Road, Snapp) 0.68 0.94 1.19 1.53 2.37
Tertiary
(Soft Upland Soils, Dry Branch, Santee, 0.68 0.94 1.19 153 | 2.37®
Warley Hill, Congaree)
Residual Soil and Saprolite 056® | 085® | 1.14® | 152®

@ Tentative Values — Andrus, et al. (2003)
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Data compiled by the University of Texas at Austin (UTA) for (A — Amin) VS. (G/Gnay) is plotted in
Figure 7-41.

& Al data from UTA

¥ mines M,

i1y o2 4 06 Lk In

Wormalized Shesr Module, G5

Note: D=AX
Figure 7-41, (A — Amin) VS. (G/Gnax) Relationship
(Andrus, et al. (2003))

Equation 7-137 represents a best-fit equation (UTA Correlation) of the observed relationship of
(A — Amin) VS. (G/Gpay) indicated below:

Equation 7-138
2

¢ ) 34.2 ( ¢ ) +22.0
— VAR .
Gnax Gmax

If we substitute Equation 7-134 into Equation 7-138 and solve for the damping ratio, A, the
Equivalent Viscous Damping Ratio curves can be generated using the following equation.

A—}.min= 122*(

Equation 7-139

2
A=Ay, +12.2 ! 34.2 ! +22.0
YCr YCr

Where values of reference strain, v, are computed using Equation 7-135.

The procedures for using Equation 7-139 are provided in Table 7-32.

7-82 January 2019



Geotechnical Design Manual GEOMECHANICS

Table 7-32, Procedure for Computing Damping Ratio

Step

Procedure Description

1

Perform a geotechnical subsurface exploration and identify subsurface soil geologic units,
approximate age, and formation.

2

Develop soil profiles based on geologic units, soil types, average PI, and soil density.
Subdivide major geologic units to reflect significant changes in Pl and soil density. Identify
design ground water table based on seasonal fluctuations and artesian pressures.

Calculate the average o', and determine the corresponding £50% range of 'y, for each major
geologic unit using Equation 7-136.

Calculate G, for each layer within each major geologic unit. If the values for ', of each layer
are within a geologic unit's +50% range of ¢’y (Step 3) then assign the average o', for the
major geologic unit (Step 3) to all layers within it. If the ¢, of each layer within a geologic unit
is not within the £50% range of o', for the major geologic unit, then the geologic unit needs to
be “subdivided” and more than one average ', needs to be used, provided the o', remain
within the £50% range of c’,,, for the “subdivided” geologic unit.

Select appropriate small-strain material Damping @ &', = 1 atm, Anyin1, from Table 7-31 for each
layer within a geologic unit.

Compute the small-strain material Damping, Ay, for each layer within a geologic unit using
Equation 7-137.

Select the appropriate values for each layer of cyclic reference strain, Y, @ o', = latm ,
curvature coefficient, o, and k exponent from Table 7-29. These values may be selected by
rounding to the nearest PI value in the table or by interpolating between listed Pl values in the
table.

Compute the cyclic reference strain, v, based on Equation 7-135 for each geologic unit that
has a corresponding average G’n.

Compute the design equivalent viscous damping ratio curves (A) for each layer by substituting
cyclic reference strain, y.,, and curvature coefficient, a, and small-strain material Damping, Amin,
for each layer using Equation 7-139. Tabulate values of Soil Damping Ratio, A, with
corresponding cyclic shear strain, y., for use in a site-specific site response analysis.

7.17.3.3 Alternate Dynamic Property Correlations

7.17.3.3.1 Soil Stiffness

The SPT and CPTu shear wave, Vs, correlations provided in Sections 7.17.2.1 and 7.17.2.2 are
based on studies performed by Andrus, et al. (2009) for South Carolina soils. If the Andrus, et
al. (2009) shear wave correlations are not appropriate (i.e., embankment fill) for the soils
encountered at a specific project site, the GEOR can use alternate correlations. Documentation
is required explaining the use of the alternate correlation and that the correlation is nationally or
regionally recognized. Acceptable correlations for Ga« that can be used are listed in Table 7-33
and may be substituted into rearranged Equation 7-112.
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Table 7-33, Alternate Correlations for Determining Soil Stiffness Based on G,

Reference Correlation Equation Units Comments
Ko)max = 30 for loose sands
Seed, Wong (Kz)max
) 7 _ 0.5 .
Idriss and Gmax = 220 * (K2)max * (0) and 75 for very dense sands;
Tokimatsu N 0.33 kPa ~ 80-180 for dense well
(K2)max = 20 * (N1,60) graded gravels; Limited to
(1986) ) ;
cohesionless soils
Imai and
Tonouchi Gmax = 15,560 * (Ngo)068 kPa | Limited to cohesionless soils
(1982)
625 0.5 k Limited to cohesive soils
max = * (K)™ « OCR P, = atmospheric pressure
Hardin (1978) ) kPa® | 2 ospheric p
x=03+0.7 xe; P, and o'y, in kPa
K = (Pa * o.;n)O.S
Jamiolkowski, 625 K
Leroueil, and max = (—) * K OCR @ | Limited to cohesive soils
. el3 kPa .
Lo Presti 0 ) 05 P, and o'y, in kPa
(1991) K = (Pa * O-m) '
0.695
Mayne and _ 0305 . [ dc Limited to cohesive soils
Rix (1093) | Gmax =99.5% (Pg)™"™ * e kPa 1 b and q. in kPa
W The parameter K is related to the plasticity index, PI, as follows:
Pl Kk Pl k
0 0.00 60 0.41
20 0.18 80 0.48
40 0.30 >100 0.50

7.17.3.3.2 Shear Modulus Reduction Curves

The shear modulus reduction curves provided in Section 7.17.3.1 are based on studies
performed by Andrus, et al. (2009). If the Andrus, et al. (2009) shear modulus reduction curves
are not appropriate (i.e., embankment fill) for the soils encountered at a specific project site, the
GEOR may use alternate shear modulus reduction curve correlations. Documentation is
required explaining the use of the alternate curve and that the alternate curve is nationally or
regionally recognized. Acceptable correlations that may be used are listed below:

Andrus, Zhang, Ellis and Juang (2003)
Seed and Idriss (1970)

Vucetic and Dobry (1991)

Ishibashi and Zhang (1993)

Idriss (1990)

Seed et al. (1986)

7.17.3.3.3  Equivalent Viscous Damping Ratio Curves

The equivalent viscous damping ratio curves provided in Section 7.17.3.2 are based on studies
performed by by Andrus, et al. (2009). If the by Andrus, et al. (2009) equivalent viscous
damping ratio curves are not appropriate (i.e., embankment fill) for the soils encountered at a
project site the GEOR may use alternate equivalent viscous damping ratio curves.
Documentation is required explaining the use of the alternate curve and that the alternate curve
is nationally or regionally recognized. Acceptable correlations that may be used are listed
below:

¢ Andrus, Zhang, Ellis and Juang (2003)
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e Seed et al. (1986)
e Idriss (1990)
e Vucetic and Dobry (1991)

7.17.4 Cyclic Residual Shear Strength

Cyclic residual shear strengths are an important element in the evaluation of seismic slope
stability. Two different residual shear strengths may be developed depending on whether the
soils are susceptible to soil shear strength loss or not. The use of residual shear strengths in
the Service or Strength limit states is not anticipated for slope stability analysis. However, the
residual shear strengths discussed previously in this Chapter should be used for those soils that
are not susceptible to soil shear strength loss, but are anticipated to undergo significant
movement (typically greater than 10 inches) caused by the induced seismic motion. Typically
these soils are anticipated to be above the groundwater level. Chapter 13 provides the methods
for determining the residual shear strength of soils that will undergo shear strength losses.
Chapter 14 provides the discussion of when to use these residual shear strengths.

7.18 ROCK DYNAMIC PROPERTIES
According to Kavazanjian, et al. (2011):

In a seismic analysis, rock may be treated as either a linear elastic material with
a constant shear modulus and no damping or as an equivalent linear material
with an initial small strain modulus, a slight potential for modulus degradation,
and a small amount of damping. The elastic modulus for the rock mass is
generally based upon either shear wave velocity measurements or, in cases
where the value of the modulus is not critical (i.e., when the modulus is merely
used to characterize the impedance contrast at the bottom of a soil column),
using typical properties. Modulus reduction and damping typically based upon
generic equivalent linear modulus reduction and damping curves (e.g., the
generic curves for soft rock from Silva, et al. (1996)).

7.19 ELECTRO-CHEMICAL PROPERTIES

The GEOR is required to test soil and water, both surface and subsurface as required, to
determine the electro-chemical properties of the respective materials. Two general
environments are established:

e Aggressive
o Non-aggressive

The SCDOT BDM (2006) defines the substructure “as any component or element located below
the bearings.” The superstructure is defined as the “bearings and all of the components and
elements resting upon them.” For superstructures the environmental classification will be
determined by the SEOR. Substructures are classified as indicated in Table 7-34.
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Table 7-34, Criteria for Substructure Environmental Classifications

Environmental Electro-Chemical . .
e Units Soil Water
Classification Component
. . pH - <55 <55
o ees oonsitiors cl ppm: NA > 500
exist) SO, ppm’ > 1,000 > 500
Resistivity Ohm-cm < 2,000 N.A.
. This classification must be used at all sites not meeting the requirements
Non-aggressive . .
for Aggressive Environments

pH = acidity (-log.oH"; potential of hydrogen); Cl = chloride content; SO, = sulfate content

1ppm (part per million) = mg/L (milligram per liter)

These criteria do not apply to MSE walls, RSSs or reinforced embankments; see the
appropriate STS.
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CHAPTER 8
GEOTECHNICAL LRFD DESIGN

8.1 INTRODUCTION

Geotechnical engineering analyses and designs for transportation structures have traditionally
been based on Allowable Stress Design (ASD), also known as Working Stress Design (WSD).
Transportation structures that require geotechnical engineering are bridge foundations, sign and
lighting foundations, Earth Retaining Structures (ERSs: MSE walls, reinforced concrete walls,
cantilever walls, etc.), and embankments (both bridge and road). The primary guidance for the
ASD design methodology has been the AASHTO Standard Specifications for Highway Bridges
(17" edition — last edition published 2002) and various Federal Highway Administration (FHWA)
geotechnical engineering publications. The ASD methodology is based on limiting the stresses
induced by the applied loads (Q, which includes dead loads - DL and live loads - LL) on a
component/member from exceeding the allowable (or working) stress of the material (Ry). The
allowable stress of a material is computed by dividing the nominal strength of the material (R,)
by an appropriate factor of safety (FS) as indicated in the following equation.

Q=)YDL+)LL<R, = % Equation 8-1

This design approach uses a single factor of safety to account for all of the geotechnical
engineering uncertainties. The ASD factors of safety do not appropriately take into account
variability associated with the predictive accuracy of dead loads, live loads, wind loads, and
seismic loads or the different levels of uncertainty associated with design methodology, material
properties, site variability, material sampling, and material testing. The assignment of ASD
factors of safety has traditionally been based on experience and judgment. This methodology
does not permit a consistent or rational method of accessing risk.

In 1986 an NCHRP study (20-7/31) concluded that the AASHTO Standard Specifications for
Highway Bridges contained gaps and inconsistencies, and did not use the latest design
philosophy and knowledge. In response, AASHTO adopted the Load and Resistance Factor
Design (LRFD) Bridge Design Specification in 1994 and the Load and Resistance Factor Rating
(LRER) Guide Specification in 2002. The current AASHTO LRFD Specifications incorporate
state-of-the-art analysis and design methodologies with load and resistance factors based on
the known variability of applied loads and material properties. These load and resistance factors
are calibrated from actual statistics to ensure a uniform level of safety. Because of LRFD's
impact on the safety, reliability, and serviceability of the Nation's bridge inventory, AASHTO, in
concurrence with the FHWA, set a transition deadline of 2007 for bridges and 2010 for culverts,
retaining walls and other miscellaneous structures. After this date, States must design all new
structures in accordance with the LRFD design methodology.

SCDOT is committed to using the LRFD design methodology on structures including all aspects
of geotechnical engineering analysis and design. In this Manual the term AASHTO LRFD
Specifications refers to the AASHTO LRFD Bridge Design Specifications, 8" Edition (2017),
unless indicated otherwise. The LRFD geotechnical design approach is presented in Chapters
8, 9, and 10 of this Manual. All tables in this Chapter have been modified and adapted from the
AASHTO LRFD Specifications unless indicated otherwise. @ The geotechnical design
methodology presented in this Manual provides guidance on how to apply the LRFD
geotechnical design approach into geotechnical engineering analyses for SCDOT projects.
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8.2 LRFD DESIGN PHILOSOPHY

Basic to all good engineering design methodologies (including ASD and LRFD) is that when a
Load (Q or Demand) is placed on a component/member, there is sufficient Resistance (R or
Capacity) to insure that an established performance criterion is not exceeded. This concept is
illustrated by the following equation:

Load (Q) < RESISTANCE (R) Equation 8-2

The Load and Resistance quantities can be expressed as force, stress, strain, displacement,
number of cycles, temperature, or some other parameter that results in structural or
performance failure of a component/member. The level of inequality between the Load and
Resistance side of Equation 8-2 represents the uncertainty. In order to have an acceptable
design the uncertainties must be mitigated by applying an appropriate margin of safety in the
design.

The LRFD design methodology mitigates the uncertainties by applying individual load factors (y)
and a load modifier (n) to each type of load (Q;). On the resistance side of the equation a
resistance factor (¢) is applied to the nominal resistance (R,). The sum of the factored loads, Q,
placed on the component/member must not exceed the factored resistance of the
component/member in order to have satisfactory performance. The following equation
illustrates the basic LRFD designh concept.

Q =XnviQ: < R, =R, Equation 8-3

Where,
Q =Factored Load
Qi =Force Effect
ni = Load modifier
yi = Load factor
R, = Factored Resistance
R, =Nominal Resistance (i.e., ultimate capacity)

¢ = Resistance Factor

Equation 8-3 is applicable to more than 1 load combination as defined by the condition that
defines the “Limit State”.

8.3 LIMIT STATES

A “Limit State” is a condition beyond which a component/member of a foundation or other
structure ceases to satisfy the provisions for which the component/member was designed. The
AASHTO LRFD Specifications has defined the following limit states for use in design:

e Strength Limit State ¢ Extreme Event Limit State
e Service Limit State e Fatigue Limit State
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The Fatigue Limit State is the only limit state that is not used in geotechnical analyses or design.
A description of the limit states that are used in geotechnical engineering are provided in the
following table.

Table 8-1, Limit States
(Modified from Wilson, et al. (2007))
Limit State Description
A design boundary condition considered to ensure that strength and stability are
provided to resist specified load combinations, and avoid the total or partial

Strength collapse of the structure. Examples of Strength limit states in geotechnical
engineering include bearing failure, sliding, and earth loadings for structural
analysis.

A design boundary condition for structure performance under intended service
loads, and accounts for some acceptable measure of structure movement
throughout the structure’s performance life. Examples include vertical settlement
of a foundation or lateral displacement of a retaining wall. Another example of a
Service limit state condition is the rotation of a rocker bearing on an abutment
caused by instability of the earth slope that supports the abutment.
Evaluation of a structural member/component at this limit state considers a loading
combination that represents an excessive or infrequent design boundary condition.
Extreme Event | Such conditions may include vessel impacts, vehicle impact, check flood (500-year
(EE) flow event), and seismic events. Because the probability of these events occurring
during the life of the structure is relatively small, a smaller margin of safety is
appropriate when evaluating this limit state.

Service

8.4 TYPES OF LOADS
AASHTO specifications classify loads as either permanent loads or transient loads.

841 Permanent Loads

Permanent loads are present for the life of the structure and do not change over time.
Permanent loads are generally very predictable. The following is a list of all loads identified by
AASHTO LRFD Specifications as permanent loads:

Locked-In Erection Stresses — EL
Vertical Earth Pressure — EV

Force Effects Due to Creep — CR
Dead Load of Components — DC
Downdrag — DD Earth Load Surcharge — ES

Dead Load of Wearing Surface and Secondary Forces from

Utilities — DW Post-tensioning — PS

e Horizontal Earth Pressures — EH Force Effects Due to Shrinkage — SH

A brief description for each of these permanent loads is provided in Table 8-2. For a complete
description and method of computing these loads see the AASHTO LRFD Specifications.
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Table 8-2, Permanent Load Descriptions
(Modified from AASHTO LRFD Specifications (2017) and Wilson, et al. (2007))

AASHTO
Designation

Definition

Description

CR

Creep

These loads are internal force effects that develop on structure
components as a result of creep and shrinkage of materials.
These forces should be considered for substructure design
when applicable.

DC

Dead load of
structural
components and
nonstructural
attachments

These loads include the weight of both fabricated structure
components (e.g., structural steel girders and prestressed
concrete beams) and cast-in-place structure components (e.g.,
deck slabs, abutments, and footings). DC loads also include
nonstructural attachments such as lighting and signs.

DD

Downdrag

When a deep foundation is installed through a soil layer that is
subject to relative settlement of the surrounding soil to the deep
foundation, downdrag forces are induced on the deep
foundation. The magnitude of DD load may be computed in a
similar manner as the positive shaft resistance calculation.
Allowance may need to be made for the possible increase in
undrained shear strength as consolidation occurs. For the
strength limit state, the factored downdrag loads are added to
the factored vertical dead load in the assessment of pile
capacity. For the Service limit state, the downdrag loads are
added to the vertical dead load in the assessment of settlement.
Downdrag forces can also occur in the EE | limit state due to
downdrag forces resulting from soil liquefaction of loose sandy
soil. Measures to mitigate downdrag are typically used by
applying a thin coat of bitumen on the deep foundation surface
or some other means of reducing surface friction on the pile may
reduce downdrag forces.

DW

Dead load of
wearing surfaces
and utilities

These loads include asphalt wearing surfaces, future overlays
and planned widening, as well as miscellaneous items (e.g.,
scuppers, railings and supported utility services).

EH

Horizontal earth
pressure load

These loads are the force effects of horizontal earth pressures
due to partial or full embedment into soil. These horizontal earth
pressures are those resulting from static load effects.
The magnitude of horizontal loads on a
substructure are a function of:
e Structure type (e.g., gravity, cantilever, anchored, or MSE
wall)
e Type, unit weight, and shear strength of the retained
earth
e Anticipated or permissible magnitude and direction of
horizontal substructure movement
e Compaction effort used during placement of soil backfill
e Location of the ground water table within the retained soll

earth pressure

January 2019



Geotechnical Desig

n Manual

GEOTECHNICAL LRFD DESIGN

Table 8-2 (Continued), Permanent Load Descriptions
(Modified from AASHTO LRFD Specifications (2017) and Wilson, et al. (2007))

These loads are accumulated locked-in force effects resulting
, from the construction process, typically resulting from segmental
Locked-in . .
. superstructure construction.  These would include precast
EL erection .
prestressed or post-tensioned concrete structures. For
stresses .
substructure designs, these force effects are small enough and
can be ignored.
. The vertical pressure of earth fill dead load acts on the top of
Vertical pressure .
footings and on the back face of battered wall and abutment
EV from dead load of . . S .
. stems. The load is determined by multiplying the volume of fill by
earth fill . o . . )
the density and the gravitational acceleration (unit weight).
Earth surcharge Surcharge loads are the force effects on the backs of ERSs.
ES 9 These effects must be considered in the design of walls and
load .
bridge abutments.
PS Post-tensioning | The post-tensioning forces imposed on a continuous structure
forces supports and any internal forces.
These loads are internal force effects that develop on structure
SH Shrinkage components as a result of shrinkage of materials. These forces
should be considered for substructure design when applicable.

8.4.2

Transient Loads

Transient loads may only be present for a short amount of time, may change direction, and
are generally less predictable than permanent loads. Transient loads include the following:

Friction — FR
Ice load - IC

Blast Loading — BL
Vehicular braking force — BR
Vehicular centrifugal force — CE
Vehicular collision force — CT
Vessel collision force — CV
Earthquake —

EQ

Vehicular dynamic load allowance — IM

Vehicular live load — LL

Live load surcharge — LS

Pedestrian live load — PL

Settlement — SE

Temperature gradient — TG

Uniform temperature — TU

Water load and stream pressure — WA
Wind on live load — WL

Wind load on structure — WS

A brief description for each of these transient loads is provided in Table 8-3. For a complete
description and method of computing these loads see the AASHTO LRFD Specifications.

Table 8-3, Transient Load Descriptions
(Modified from AASHTO LRFD Specifications (2017) and Wilson, et al. (2007))

AASHTQ Definition Description
Designation
. The force effects of a blast loading, either intentional or
BL Blast Loading . . ; . .
unintentional, on either a bridge or bridge component.
Vehicular The force effects of vehicle braking that are represented as a
BR . horizontal force effect along the length of a bridge that is resisted
braking force )
by the structure foundations.
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Table 8-3 (Continued), Transient Load Descriptions
(Modified from AASHTO LRFD Specifications (2017) and Wilson, et al. (2007))

CE

Vehicular
centrifugal force

These loads are the force effects of vehicles traveling on a bridge
located along a horizontal curve and that generate a centrifugal
force effect that must be considered in design. For substructure
design, centrifugal forces represent a horizontal force effect.

CT

Vehicular
collision force

These loads are the force effects of collisions by roadway and rail
vehicles.

Ccv

Vessel collision
force

These loads are the force effects of vessel collision by ships and
barges due to their proximity to navigable waterways. The
principal factors affecting the risk and consequences of vessel
collisions with substructures in a waterway are related to vessel,
waterway, and bridge characteristics.

EQ

Earthquake

(DO NOT USE AASHTO FOR DETERMINATION OF EQ
LOADS) These loads are the earthquake force effects that are
predominately horizontal and act through the center of mass of
the structure. Because most of the weight of a bridge is in the
superstructure, seismic loads are assumed to act through the
bridge deck. These loads are due to inertial effects and therefore
are proportional to the weight and acceleration of the
superstructure. The effects of vertical components of earthquake
ground motions are typically small and are usually neglected
except for complex bridges. The SCDOT Seismic Specs
specifies 2 design earthquakes to be used:

e Functional Evaluation Earthquake (FEE). The ground
shaking having a 15% probability of exceedance in 75
years

e Safety Evaluation Earthquake (SEE). The ground
shaking having a 3% probability of exceedance in 75
years

For information on how to compute EQ loads for geotechnical
earthquake engineering analyses see Chapters 11, 12, 13 and 14
of this Manual and the SCDOT Seismic Specs.

FR

Friction

Forces due to friction as a result of sliding or rotation of surfaces.

Ice Load

Ice force effects on piers as a result of ice flows, thickness of ice,
and geometry of piers. In South Carolina this factor is typically
not used on bridges. Ice force effects (i.e., the weight of ice)
should be considered in the design of overhead signs, signals
and sound walls.

Vehicular
dynamic load
allowance

These loads are the force effects of dynamic vehicle loading on
structures. For foundations and abutments supporting bridges,
these force effects are incorporated into the loads used for
superstructure design. For retaining walls not subject to vertical
superstructure reactions and for foundation components
completely below ground level, the dynamic load allowance is not
applicable.
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Table 8-3 (Continued), Transient Load Descriptions
(Modified from AASHTO LRFD Specifications (2017) and Wilson, et al. (2007))

LL

Vehicular live
load

Thees loads are the force effects of vehicular live load (truck
traffic). The force effects of truck traffic are in part modeled using
a highway design “umbrella” vehicle designated HL-93 to
represent typical variations in axle loads and spacing. The HL-93
vehicular live load consists of a combination of a design truck
HS20-44 and a design lane loading that simulates a truck train
combined with a concentrated load to generate a maximum
moment or shear effect for the component being designed, and
an impact load (not used on lane loadings) to account for the
sudden application of the truck loading to the structure.

LS

Live load
surcharge

These loads are the force effects of traffic loads on backfills that
must be considered in the design of walls and abutments. These
force effects are considered as an equivalent surcharge. Live
load surcharge effects produce a horizontal pressure component
on a wall in addition to horizontal earth loads. If traffic is
expected within a distance behind a wall equal to about half of
the wall height, the live load traffic surcharge is assumed to act
on the retained earth surface.

PL

Pedestrian live
load

These loads are the force effects of pedestrian and/or bicycle
traffic loads that are placed on bridge sidewalks or pedestrian
bridges.

SE

Settlement

These loads are internal force effects that develop on structure
components as a result of differential settlement between
substructures and within substructure units.

TG

Temperature
gradient

These loads are internal force effects and deformations that
develop on structure components as a result of positive and
negative temperature gradients with depth in component’s
cross-section. These forces should be considered for
substructure design when applicable.

TU

Uniform
temperature

These loads are internal force effects that develop on structure
components as a result of thermal movement associated with
uniform temperature changes in the materials. These forces
should be considered for substructure design when applicable.

WA

Water load and
stream pressure

These loads are the force effects on structures due to water
loading and include static pressure, buoyancy, and stream
pressure. Static water and the effects of buoyancy need to be
considered whenever substructures are constructed below a
temporary or permanent ground water level. Buoyancy effects
must be considered during the design of a spread footing or pile
cap located below the water elevation. Stream pressure effects
include stream currents and waves, and floating debiris.

WL

Wind on live
load

These loads are the wind force effects on live loads. The WL
force should only be applied to portions of the structure that add
to the force effect being investigated.
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Table 8-3 (Continued), Transient Load Descriptions
(Modified from AASHTO LRFD Specifications (2017) and Wilson, et al. (2007))

These loads are the wind force effects of horizontal wind
pressure on the structure. The effects of vertical wind pressure
on the underside of bridges due to an interruption of the
horizontal flow of air and the effects of aero-elastic instability
represent special load conditions that are typically taken into
account for long-span bridges. For small and/or low structures,
. wind loading does not usually govern the design. However, for
Wind load on : . . .
WS large and/or tall bridges, wind loading can govern the design and
structure : X
should be investigated.

Where wind loading is important, the wind pressure should be
evaluated from 2 or more different directions for the windward
(facing the wind), leeward (facing away from the wind), and side
pressures to determine which produce the most critical loads on
the structure.

8.5 LOAD COMBINATION LIMIT STATES

The limit states are subdivided based on consideration of applicable load. The design of
foundations supporting bridge piers or abutments should consider all limit state loading
conditions applicable to the structure being designed. A description of the load combination
limit states that are used in geotechnical engineering is provided in Table 8-4. Most
substructure designs will require the evaluation of foundation and structure performance at the
Strength | and Service | limit states. These limit states are generally similar to evaluations of
ultimate capacity and deformation behavior in ASD, respectively.

Table 8-4, Load Combination Limit State Considerations
(Modified from Wilson, et al. (2007))

Load
Combination Load Combination Considerations
Limit State
Strength | Basic load combination relating to the normal vehicular use of the bridge without wind.
St th 1 Load combination relating to the use of the bridge by Owner-specified special design
reng vehicles and/or evaluation permit vehicles, without wind.
St th 1 Load combination relating to the bridge exposed to wind velocity exceeding 55 mph
reng without live loads.
St th IV Load combination relating to very high dead load to live load force effect ratios in the
reng bridge substructures exceeding about 7.0 (e.g., for spans greater than 250 ft.).
Load combination relating to normal vehicular use of the bridge with wind velocity of 55
Strength V mph
Extreme Load combination including the effects of the design earthquakes. South Carolina
Event | uses 2 design earthquakes (SEE and FEE).
Extreme Load combination relating to collision by vessels and vehicles, check flood (500-year
Event 11 flow event), and certain hydraulic events.
. Load combination relating to the normal operational use of the bridge with 55 mph
Service | wind
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8.6 LOAD MODIFIERS

AASHTO LRFD methodology allows each factored load to be adjusted by a load modifier, 1.
This load modifier, n;, accounts for the combined effects of ductility, np, redundancy, ng, and

operational importance, n,. In geotechnical design load modifiers are not used to account for
the influence of ductility, redundancy, and operational importance on structure performance.
The influences of redundancy and operational importance have been incorporated into the
selection of the geotechnical resistance factors. Therefore, a load modifier of 1.0 shall be used
by the SCDOT for all geotechnical engineering analyses.

8.7 LOAD COMBINATION AND LOAD FACTORS

Load factors vary for different load types and limit states to reflect either the certainty with which
the load can be estimated or the importance of each load category for a particular limit state.
Table 8-5 provides load combinations and appropriate load factors to be used on SCDOT
geotechnical designs. This table is based on the AASHTO LRFD Specifications.

These load factors apply only to geotechnical structures. For bridges and structures located
along roadways, the SEOR is responsible for evaluating the load combinations and load factors
and providing the loads to the geotechnical engineers for analyses. For geotechnical structures,
the GEOR will be responsible for determining the load combinations and load factors for their
geotechnical structure (embankments, MSE walls-external stability, reinforced slopes, etc.).
Some analytical methods have not been calibrated for LRFD design methodology.
Geotechnical analyses that have not been calibrated include, global stability analyses (static
and seismic), and liquefaction induced geotechnical seismic hazards. For these analyses a

load factor (y) of unity (1.0) shall be used.

Table 8-5, Load Combination and Load Factors
(Modified from AASHTO LRFD Specifications (2017))

DC
DD
IE\I/-IV Note: Use Only One of
Load These Load Types at a Time
L EV LL
Combination
Limit State ES | M
EL | CE TU
PS | BR
CR | PL
SH | LS [ WA|WS |WL | FR |Min |Max | TG | SE | EQ | BL IC CT | CV
Strength | Yp | 1.75]1.00 | - | --- | 1.00 | 0.50 | 1.20 | Yrc | Vst
Strength 11 Yp | 1.35]1.00 | - | ---- | 1.00 | 0.50 | 1.20 | Ytc | Yse
Strength Il | vy | - | 1.00)|1.00 | - | 1.00 | 0.50 | 1.20 | Y76 | Vst
Strength IV | yp | - ]1.00| - | - | 1.00 | 0.50 | 1.20
Strength V| yp | 1.35 | 1.00 | 1.00 | 1.00 | 1.00 | 0.50 | 1.20 | Yre | Yst
Extreme 1.00 1.00 1.00 1.00
Event | ' VeQ | & ' '
Extreme
1.00 | 0.50 | 1.00 | ---- -- | 100 | --- ---- |1 1.00 | 1.00 | 1.00 | 1.00
Event Il
Service | 1.00 | 1.00 | 1.00 | 1.00 | 1.00 | 1.00 | 1.00 | 1.20 | yrc | Vse
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Observations about the magnitude and relationship between various the load factors indicated
in Table 8-5 are listed below:

e Aload factor of 1.00 is used for all permanent and most transient loads for Service I.

e The live load factor for Strength | is greater than that for Strength |l
(i.e., 1.75 versus 1.35) because variability of live load is greater for normal vehicular
traffic than for a permit vehicle.

e The live load factor for Strength | is greater than that for Strength V
(i.e., 1.75 versus 1.35) because variability of live load is greater for normal vehicular
use without wind than for a bridge subjected to a wind of 55 mph, and because less
traffic is anticipated during design wind conditions.

e The live load factor for Strength Il is zero because vehicular traffic is considered
unstable and therefore unlikely under extreme wind conditions.

The load factor temperature gradient (yrg) shall be selected by the SEOR in accordance with
AASHTO LRFD Specifications or other governing design specifications. The load settlement

factor (ysg) should be selected on a project-specific basis, typically it is taken as ysg = 1.0. The

blast load factor (yg.) shall only be used as directed by the Department and is not anticipated
being required in geotechnical design.

AASHTO requires that certain permanent loads and transient loads be factored using maximum
and minimum load factors, as shown in Table 8-6. The concept of using maximum and
minimum factored loads in geotechnical engineering can be associated with using these load
factors (max. and min.) to achieve a load combination that produces the largest driving force
and the smallest resisting force. Criteria for the application of the permanent load factors (ye,

Yeo) are presented below:

o Load factors should be selected to produce the largest total factored force effect
under investigation.

e Both maximum and minimum extremes should be investigated for each load
combination.

e For load combinations where a force effect decreases the effect of another force, the
minimum value should be applied to the load that reduces the force effect.

e The load factor that produces the more critical combination of permanent force
effects should be selected from Table 8-6.

e If a permanent load increases the stability or load-carrying capacity of a structural
component (e.g., load from soil backfill on the heel of a wall), the minimum value for
that permanent load must also be investigated.

8-10 January 2019



Geotechnical Design Manual

GEOTECHNICAL LRFD DESIGN

Table 8-6, Load Factors for Permanent Loads, ¥,
(Modified from AASHTO LRFD Specifications (2017))

Type of Load

Load Factor

Maximum Minimum

DC: Component and Attachment 1.25 0.90
DC: Strength IV Only 1.50 0.90
DD: Driven Piles (o (Tomlinson) Method) 1.40 0.25
Bg\év;drag on Driven Piles (A Method) 1.05 0.30
Foundations Drilled Shafts (O’'Neill & Reese 2010 Method) 1.25 0.35
DW: Wearing Surface and Utilities 1.50 0.65
EH: Active 1.50 0.90
Horizontal
Earth At-Rest 1.35 0.90
Pressure Apparent Earth Pressure (AEP) for Anchored Walls 1.35 N/A
EL: Locked-in Erection Stresses 1.00 1.00

Overall Stability 1.00 N/A

Retaining Walls and Abutments 1.35 1.00
EV- Rigid Buried Structure 1.30 0.90

" Rigid Frames 1.35 0.90

Vertical . -
Earth Flexible Buried Structures
Pressures Metal Bo_x Culverts, _Structural Plate Culverts with Deep 150 0.90

Corrugations, and Fiberglass Culverts

Thermoplastic Culverts 1.30 0.90

All Others 1.95 0.90
ES: Earth Surcharge 1.50 0.75

The load factors for downdrag loads (DD) are specific to the method used to compute the load.
Only maximum load factors for permanent loads (y,) are applicable for downdrag loads (DD),

these represent the uncertainty in accurately estimating downdrag loads on piles.

If the

downdrag load acts to resist a permanent uplift force effect, the minimum load factor will be

utilized.

Typically in South Carolina the earthquake load factor (yeq) used in Extreme Event | (EE ) live
load combinations is 0.0, unless otherwise determined by the Department.

Typical transient loads used to design geotechnical structures for pedestrian live loads (PL), and
live load surcharge (LS) shall be computed using the values indicated in Table 8-7. When traffic
live loads (LL) are necessary, the AASHTO LRFD Specifications shall be used.
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Table 8-7, Uniform Surcharge Pressures

Uniform
Material Description Pressure
(psf)
Sidewalk widths 2.0 ft or wider 75
PL: Pedestrian Live Load Bridge walkways or bicycle 90
pathways
LS™ : Live load uniform surcharge at bridge Habut < 5 ft. 500
abutments perpendicular to traffic Hapy = 10 ft.& 375
Where H,,« = Abutment Height Hapu > 20 ft. 250
LS%? : Live Load Surcharge on Retaining Hyai < 5 ft. 625
Walls Parallel To Traffic Where Hy,q = Wall 5 ft. < Hyan < 20 ft. 440
Eelght and distance from back of wall = 0.0 Hyo > 20 ft. 250
LS™? : Live Load Surcharge on Retaining Huwan < 5 ft. 250
Wallls Parallel To Traffic Where H,, = Wall 5 ft. < Hyay < 20 ft. 250
Height and distance from back of wall > 1.0 ft Hyan > 20 ft. 250
LS : Live Load Surcharge on embankments 250

@ Uniform Pressure equal to ¥s heq as per AASHTO specifications distributed over the traffic lanes. Where the unit

weight of the soil, s, is taken as 125 pcf and the surcharge equivalent height is heg.
@ Traffic lanes shall be assumed to extend up to the location of a physical barrier such as a guardrail. If no

gyardrail or other type of barrier exists, traffic shall be assumed to extend to the back of the wall.

For abutment heights between 5 and 10 feet and 10 and 20 feet linearly interpolate uniform pressure.

Dead loads computed for components (DC), wearing surfaces and utilities (DW), and vertical
earth pressures (EV) shall be computed using the unit weights of the materials. In the absence
of specific unit weights of materials, the values indicated in Table 8-8 should be used.

8-12
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Table 8-8, Unit Weights of Common Materials
(Modified from AASHTO LRFD Specifications (2017))

Material Description Unit Weight
(pcf)
Bituminous (AC) Wearing Surfaces 140
Steel 490
Hard 60
Wood Soft 50
. Lightweight 110- 135
gg;ec':'eft"er(‘f)e‘j Normal Weight (f; < 5.0 ksi) | 145
Normal Weight (5.0 ksi < f.<15.0 ksi) (f. - ksi) 140 + 0.001* f,
Compacted Soils 120
Very Loose to Loose Sand 100
Soils Medium to Dense Sand 125
(moist) Dense to Very Dense Sand 130
Very Soft to Soft Clay 110
Medium Clay 118
Stiff to Very Stiff Clay 125
Rolled Gravel or ballast 140
Crushed Stone 95
Rock Gravel 100
Weathered Rock (PWR) 155
Basement Metamorphic or Igneous Rock 165
Water Fresh 62.4
Salt 64.0

Y For reinforced concrete, add 5 pcf

8.8 LOAD COMBINATIONS AND FACTORS FOR CONSTRUCTION LOADS

In the design of geotechnical structures the GEOR must take into consideration potential
construction loadings and sequence of construction into the design of geotechnical structures.
When a construction method is specified, such as staged construction, and specialty ground
improvement (prefabricated vertical drains (PVDs), surcharges, geosynthetic reinforcement,
aggregate columns, etc.), or when temporary structures such as temporary MSE walls, sheet
piling, etc. are designed, the Strength | limit state shall be used with the following modifications

to the load factors. The maximum permanent load factor (yp) for permanent loads DC and DW
shall be at least 1.25 and the maximum load factor for transient loads LL, PL, and LS shall be at
least 1.30. Construction plans and specifications of construction methods and temporary
construction structures must include construction limitations and sequence of construction used
in developing the design.

8.9 OPERATIONAL CLASSIFICATION

An Operational classification (OC) has been developed for all “typical” bridges on the South
Carolina transportation system. “Typical” bridges are those bridges whose design is governed
by the Seismic Specs. These classifications have been developed specifically for the South
Carolina transportation system and are defined in the Seismic Specs. OC serves to assist in
providing guidance as to the operational (i.e., the post-seismic event Service and Damage
Level) requirements of the structure being designed as well as the design effort that will be
required. The Performance Limits in Chapter 10 have been established for the various
structures based on the OC. This is particularly evident when evaluating geotechnical
earthquake engineering analyses/designs.
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8.10 LRFD GEOTECHNICAL DESIGN AND ANALYSIS

The limit state that is selected for geotechnical engineering analyses/designs is dependent on
the performance limit state and the probability of the loading condition. Guidance in selecting
limit states for geotechnical analyses of Bridge Foundations, Embankments, and ERSs are
provided in the following subsections.

8.10.1 Bridge Foundations

The design of foundations supporting bridge piers or abutments should consider all limit state
loading conditions applicable. Strength limit states are used to evaluate a condition of total or
partial collapse. The Strength limit state is typically evaluated in terms of shear or bending
stress failure.

The Service limit state is typically evaluated in terms of excessive deformation in the forms of
settlement, lateral displacement, or rotation. The Service I, 1l and IV limit states are used to
evaluate specific critical structural components and are not generally applicable to foundation
design.

The EE | limit state is used to evaluate seismic loadings and its effect on the bridge. The EE Il
limit state is used for the evaluation of vessel impact or vehicle impact and for the effect of the
check flood on the bridge structure. The EE | limit state may control the design of foundations
in seismically active areas. The EE Il limit state may control the design of foundations or piers
that may be exposed to vehicle or vessel impacts or may be exposed to the check flood (500-
year flow event).

With respect to deformation, (i.e.,, horizontal deflection or settlement), the Service | limit state or
the EE | limit state will control the design. Performance measures and the corresponding limit
states for design of shallow foundations and deep foundations are provided in Tables 8-9 and
8-10, respectively.

Bridge foundation design for a given limit state shall take into account the change in foundation
condition resulting from scour analyses.

e Strength — used to determine nominal resistance for axial stability and critical
penetration depth for lateral stability (includes design (100-yr) flood scour);

e Service — used to determine displacements (includes design (100-yr) flood scour);
Extreme Event | — used to determine axial resistance and lateral stability in seismic;

e Extreme Event Il — 1) used to determine axial resistance and lateral stability for
impact (vessel/vehicle) load, and 2) used to determine axial resistance and lateral
stability for the check (500-yr) flood scour.
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Table 8-9, Shallow Foundation Limit States

Limit States
Performance Measure Strength Service Extreme
Event
Soil Bearing Resistance v v
Sliding Frictional Resistance v v
Sliding Passive Resistance v v
Structural Capacity v v
Lateral Displacement v v
Vertical Settlement v v
Table 8-10, Deep Foundation Limit States
Limit States
Performance Measure Strength Service Extreme
Event
Axial Compression Load v v
Axial Uplift Load v v
Structural Capacity v v
Lateral Displacements ! v
Settlement vV v
8.10.2 Embankments

The predominant loads influencing the stability of an embankment are dead weight, earth
pressure, and live load surcharge. According to Abu-Hejleh, et al. (2011):

Overall stability should be theoretically addressed under the Strength limit state
because it is the shear strength that is being evaluated and the consequence of
failure is global instability. However, it is investigated under the Service limit
state (Article 11.6.2.3, AASHTO LRFD Specifications quoted below) because soil
weight appears on both the load and resistance sides of the equation and the
analytical consequence is complex.

AASHTO LRFD Specifications (2017) states:

The overall stability of the retaining wall, retained slope and foundation soil or
rock shall be evaluated for all walls using limiting equilibrium methods of
analysis. The overall stability of temporary cut slopes to facilitate construction
shall also be evaluated....

The evaluation of overall stability of earth slopes (embankments) with or without
a foundation unit should be investigated at the Service | Load Combination and
an appropriate resistance factor.

The Service | limit state and the EE limit states will control the deformation and overall stability
of the embankment design. When evaluating the embankment with respect to seismic loads,
the EE | limit state is used; however, see Chapter 17 for no analysis condition requirements.
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The EE | limit state may control the design in seismically active areas. All bridge embankments
shall be designed for Service and EE limit states. Roadway embankments shall be designed for
the Service limit state only. It is noted the vessel/vehicle impact loading of EE Il shall not be
used in the design of embankments.

e Service — used to determine the nominal stability of the slope (includes design (100-
yr) flood scour);

e Extreme Event | — used to determine the stability of the slope in seismic events;

e Extreme Event Il — used to determine the stability of the slope including the check
(500-yr) flood scour

Both the SEE and FEE events shall be used in EE | design; however, if adequate resistance
factors and displacements are achieved using the SEE EE | loads, then the GEOR may elect
not to use the FEE event. The report shall indicate that the FEE event was not used and shall
indicate why this event was not used. Performance measures and corresponding limit state for
design of embankments are provided in Table 8-11.

Table 8-11, Embankment Limit States

Limit States
Performance Measure Strength Service Extreme
Event
Lateral Squeeze v v
Lateral Displacements v v
Vertical Settlement v v
Overall Stability v v

8.10.3 Earth Retaining Structures

The predominant loads influencing the stability of ERSs are dead weight, earth pressure, and
live load surcharge. The Strength | and IV limit state load combinations have the largest dead,
earth and live load factors and therefore control the design at the Strength limit state. The
Strength limit state is evaluated for bearing, sliding, and overturning. The Service | limit state
and the EE limit states will control the deformation performance limits for ERSs. When
evaluating the ERSs with respect to seismic loads, the EE | limit state is used. The EE | limit
state may control the design in more seismically active areas. All ERSs shall be designed for
Strength, Service and EE limit states.

e Strength — used to determine nominal resistance for bearing, sliding (including
frictional and passive) as well as structural capacity (includes design (100-yr) flood
scour);

e Service — used to determine the nominal stability, the vertical and horizontal
displacements (includes design (100-yr) flood scour);

e Extreme Event | — used to determine resistance for bearing, sliding (including
frictional and passive) as well as structural capacity and the nominal stability, the
vertical and horizontal displacements during seismic events

e Extreme Event Il — used to determine the stability of the slope including the check
(500-yr) flood scour
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Both the SEE and FEE events shall be used in EE | design of ERSs located within the bridge
embankment. The EE | design of ERSs located within the roadway embankment shall use the
SEE only. It is noted that vehicular impact on ERSs is not used in slope stability analysis.
Performance measures and corresponding limit states for design of earth retaining structures
are provided in Table 8-12.

Table 8-12, Earth Retaining Structures Limit States

Limit States
Performance Measure Strength Service Extreme
Event
Soil Bearing Resistance v v
Sliding Frictional Resistance v v
Sliding Passive Resistance v v
Structural Capacity v v
Lateral Load Analysis (Lateral Displacements) v v
Settlement v v
Overall Stability vV v
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CHAPTER 9
GEOTECHNICAL RESISTANCE FACTORS

9.1 INTRODUCTION

As described in Chapter 8, Resistance Factors () are used in LRFD design to account for the
variability associated with the resistance side of the basic LRFD Equation.

Q < oR,, =R, Equation 9-1
Where,
Q = Factored Load
R, = Factored Resistance
R, = Nominal Resistance (i.e., ultimate resistance)
¢ = Resistance Factor

AASHTO and FHWA have conducted studies to develop geotechnical Resistance Factors (¢)
based on reliability theory that accounts for the uncertainties presented below:

Accuracy of Prediction Models (Design Methodology)
Site Characterization

Reliability of material property measurements

Material properties relative to location, direction, and time
Material Resistance

Sufficiency and applicability of sampling

Soil Behavior

Construction Effects on Designs

When insufficient statistical data was available, the studies performed a back-analysis of the
geotechnical designs to obtain a resistance factor that maintains the current level of reliability
that is inferred by the ASD design methodology using the appropriate Factors of Safety.

The LRFD geotechnical design philosophy and load factors for geotechnical engineering are
provided in Chapter 8. The Performance Limits for the Service and Extreme Event limit states
are provided in Chapter 10. The design methodology used in the application of the design
criteria (load factors, resistance factors, and performance limits) is based on AASHTO design
methodology with modifications/deviations as indicated in the following Chapters of this Manual:

o Chapter 14 — Geotechnical Seismic Design
e Chapter 15 — Shallow Foundations
e Chapter 16 — Deep Foundations

Appendix C — MSE Walls
Appendix D — Reinforced Soil Slopes

o Chapter 12 — Geotechnical Seismic o Chapter 17 — Embankments
Analysis e Chapter 18 — Earth Retaining Structures
e Chapter 13 — Geotechnical Seismic e Chapter 19 — Ground Improvement
Hazards e Chapter 20 — Geosynthetic Design
[ ]
[ ]
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9.2 SOIL PROPERTIES

The geotechnical Resistance Factors (¢) provided in this Chapter are only appropriate when soil
material properties are based on sampling/testing frequency and testing methods as defined in
this Manual. Geotechnical designs and/or analyses should be performed after establishing a
“site” based on the site variability with respect to the soil properties that most affect the design
or geotechnical analysis. A site variability of “Medium” or lower shall be selected based on the
requirements of Chapter 7.

Engineering judgment is important in the selection of soil properties but must be used
judiciously in a manner that is consistent with the method used to develop the resistance factors
and should not be used as a method to account for insufficient geotechnical information due to
an inadequate subsurface investigation. As indicated above, the AASHTO resistance factors
were developed by either reliability theory or by ASD back-calculation. LRFD resistance factors
that were based on reliability theory were developed based on using “average” soil shear
properties for each identified geologic unit. LRFD resistance factors that were developed based
on a back-analysis of ASD design methodology should use the same method of selecting soll
properties (lower bound, average, etc.) as previously used in ASD design. For further
information into how the resistance factors were developed the AASHTO LRFD Specifications
and supporting reference documents should be consulted.

When sufficient subsurface information is available, soil properties should be rationally selected
and substantiated by the use of statistical analyses of the geotechnical data. To arbitrarily
select conservative soil properties may invalidate the assumptions made in the development of
LRFD resistance factors by accounting for uncertainties multiple times; therefore, producing
geotechnical designs which are more conservative and consequently have higher costs than the
ASD designh methodology previously used. When limited amounts of subsurface information is
available or the subsurface information is highly variable, it may not be possible to select an
“average” soil property for design and a conservative selection of soil properties may be
required so as to reduce the risk of poor performance of the structure being designed.

9.3 RESISTANCE FACTORS FOR LRFD GEOTECHNICAL DESIGN

The geotechnical Resistance Factors () that are provided in this Chapter are distinguished by
the type of geotechnical structure being designed as listed below:

Shallow Foundations

Deep Foundations

Embankments

Earth Retaining Structures
Reinforced Earth Internal Stability

Resistance factors for the determination of SSL induced geotechnical earthquake hazards are
also provided.

As indicated in Chapter 8, the Fatigue limit state is the only limit state that is not used in
geotechnical analyses or designs. Geotechnical resistance factors are provided for the
following limit state load combinations:

e Strength — This includes Strength I, 11, I11, IV, and V; includes the design flood (100-
year flow event)
e Service — This includes Service |; includes the design flood (100-yr flow event)
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e Extreme Event — This includes Extreme Event | (Seismic loadings) and Extreme Event Il
(Impact loadings and check flood (500-yr flow event))

Resistance factors are provided based on the type of analysis being performed and the method
of determination. When resistance factors are not applicable to the limit state the term “N/A”
has been used in the resistance factor tables included in this Chapter. The method of
determination shall either be based on the method of construction control or the analytical
method used in the design. For details of the analytical methods used in the design see the
appropriate Chapters in this Manual.

Geotechnical analyses that have not been calibrated for LRFD design methodology include,
global stability analyses (static and seismic), and SSL induced geotechnical earthquake
hazards. The resistance factors (¢) provided for these analyses are the inverse of the Factor of
Safety (1/FS) and consequently have the same margin of safety as previously used in ASD
designs. For global stability, Equation 9-1 can be written as indicated below.

R, __ Resisting Forces

— = — =FS > 1 Equation 9-2
Q Driving Forces @
Where,
R, = Nominal Resistance (i.e., ultimate resistance)
Q = Factored Load (With load factor, y = 1.0)
FS = Factor of Safety
¢ = Resistance Factor

The geotechnical Resistance Factors (¢) provided in this Chapter have been selected by the
SCDOT based on the standard-of-practice that is presented in this Manual, South Carolina
geology, and local experience. Although statistical data combined with calibration have not
been used to select regionally specific geotechnical resistance factors, the resistance factors
presented in AASHTO and FHWA publications have been adjusted based on substantial
successful experience to justify these values. The AASHTO LRFD Specifications should be
consulted for any geotechnical resistance factors not provided in this Chapter. The PCS/GDS
shall review the AASHTO LRFD geotechnical resistance factors that are not included in this
Manual prior to use and shall provide acceptance.

9.4 SHALLOW FOUNDATIONS

Geotechnical Resistance Factors (¢) for shallow foundations have been modified slightly from
those specified in the AASHTO LRFD Specifications. Resistance factors for shallow
foundations are shown in Table 9-1. Resistance factors for bearing resistance are specified for
soil and rock. Resistance factors for sliding are based on the materials at the sliding interface.
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Table 9-1, Resistance Factors for Shallow Foundations

Limit States
Performance Limit Strength | Service Extreme

Event
Soil Bearing Resistance (Soil) 0.45 N/A 1.00
Soil Bearing Resistance (Rock) 0.45 N/A 1.00
Sliding Frictional Resistance (Cast-in-place Concrete on 0.80 N/A 1.00
Sand)
Sliding Frictional Resistance
(Cast-in-place or Precast Concrete on Clay) 0.85 N/A 1.00
Sliding Frictional Resistance
(Precast Concrete on Sand) 0.90 N/A 1.00
Sliding (Soil on Soil) 0.90 N/A 1.00
Sliding Passive Resistance (Soil) 0.50 N/A 1.00
Lateral Displacement N/A 1.00 1.00
Vertical Settlement N/A 1.00 1.00

9.5 DEEP FOUNDATIONS

The design of deep foundations requires that foundations supporting bridge piers or abutments
consider all limit state loading conditions applicable to the structure being designed. In addition,
deep foundations may also be used to support ancillary transportation structures such as
overhead signs, light fixtures, noise walls or ground improvement methods. Deep foundations
consist of driven piles, drilled piles, drilled shafts, continuous flight auger piles and micro-piles.
Continuous flight auger piles and micro-piles are not used to support SCDOT bridge structures.
The resistance factors provided in this Section shall be used for driven piles, drilled piles and
drilled shafts regardless of the structure supported. See Chapter 16 for the design methodology
for drilled piles. Drilled piles designed as driven piles shall use the driven pile resistance factors
while drilled piles designed as drilled shafts shall use the drilled shaft resistance factors.
Contact the PCS/GDS for resistance factors for continuous flight auger piles and micro-piles.
SCDOT has deviated in its application of LRFD design of deep foundations as presented in the
AASHTO LRFD Specifications. The deviations are a result of current design and construction
practice, design policies, and experience obtained evaluating field load tests of driven piles and
drilled shafts.

The resistance factors used to determine the nominal resistance for single piles or drilled shafts
in axial compression or uplift shall be based on the method of deep foundation load resistance
verification during construction. The foundation resistance verification will typically be conducted
at Test Pile (non-production pile) locations or at Index Pile (production pile) locations.
Foundation resistance verification may be required at any foundation that does not meet
foundation installation criteria or whose load carrying resistance is in question. A description of
deep foundation load resistance verification methods (wave equation, static load testing,
including the Osterberg® cell; rapid load testing (i.e., Statnamic® testing); high strain load
testing (i.e., dynamic testing using either PDA or Apple® testing) are presented in Chapters 16
and 24. All other resistance factors are based on the design methodology used for deep
foundations presented in Chapter 16. The frequency of deep foundation load resistance
verification is dependent on the Site Variability as defined in Chapter 7.

A very widely accepted method to verify the axial load resistance of deep foundations is the use
of the static load testing either uni-directional or bi-directional (i.e., Osterberg® Cell). The
resistance factor for bi-directional load testing methods shall be the same as for conventional
static load tests indicated in Tables 9-2 and 9-4.
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The rapid load testing method has been included as a method of verifying pile resistance due to
its regional popularity and its economic advantages. The rapid load testing methodology is a
relatively new load testing method compared to static load testing or dynamic testing and has
yet to be included in the AASHTO LRFD Specifications. The Statnamic® load test is regarded
as a rapid load testing method that induces a “fast push” on the deep foundation element. The
load applied to the top of the foundation is applied dynamically although at a much slower rate
as compared to dynamic testing (PDA). The analysis of the rapid load test data requires that
the dynamic resistance from the soil be subtracted from the total load applied to obtain the static
resistance. Regional experience using rapid load testing has shown that dynamic resistance is
greater for friction piles/drilled shafts in cohesive soils and consequently the reliability of this
method is less for this type of foundation. For friction piles/drilled shafts in cohesionless soils or
end-bearing piles/drilled shafts on rock, IGM or dense sands the dynamic resistance is less and
therefore the reliability of the rapid load testing method is better when compared to rapid load
testing of friction piles/drilled shafts in cohesive soils. The method used to separate the
dynamic resistance from the static resistance has not been nationally accepted (AASHTO) and
the method’s reliability has not been independently verified.

SCDOT has conservatively assigned resistance factors for rapid load testing based on the
limited regional practice. Since cohesive soils tend to produce higher dynamic resistances as
compared to cohesionless soils, a lower reliability has been assumed for friction piles/drilled
shafts installed in cohesive soils. No increases in resistance factors will be allowed when
performing multiple rapid load tests within a “Site” as indicated in Table 9-4. In order to increase
the resistance factors indicated in this Section, a full-scale static load test per “Site” will be
required to calibrate the rapid load test method of analysis, with the approval of the PCS/GDS.
The term “Site” is defined as indicated in Chapter 7.

For high strain load testing SCDOT uses (i.e., PDA or Apple®) to verify the capacity of either
driven piles or drilled shafts. Typically the PDA is performed on driven piles, while the Apple®
load test is performed on drilled shafts.

951 Driven Piles

AASHTO LRFD Specifications for driven piles differentiate between the predicted nominal axial
capacities (Rnsaiic) based on static analyses and the field verified pile capacities (R, by applying

different geotechnical Resistance Factors () for each of these axial capacities. Upon review of

the AASHTO LRFD Specifications recommended geotechnical Resistance Factors ((gar) for the
static resistance prediction, it was observed that the AASHTO geotechnical Resistance Factors

(pstar) inherently presume a substantial amount of uncertainty in the predicted nominal axial
resistance with respect to the field verified pile resistance using either dynamic formula,
dynamic analysis, or static load tests. This presumption of greater uncertainty of predicted
values vs. field verified values is logical and has merit for a national specification but it does not
take into account the regional experience of predicting pile capacities. SCDOT has observed
that when using the nominal axial compression pile resistance design methods presented in this
Manual that there is rarely a need to extend the pile lengths in the field because the required
pile resistance is achieved during pile driving. Driven piles are typically installed in cohesionless
soils where pile resistance is most likely underpredicted. It has been observed that the pile
resistance methods predict fairly accurately when pile resistance verification is made using pile
re-strikes with the Pile Driving Analyzer (PDA). Typically, pile lengths provided in the plans
have sufficient length to achieve the required ultimate pile resistance at the end-of-driving or
re-strikes when verified by wave equation, dynamic load testing (PDA), or static load tests.

SCDOT has elected to use resistance factors (¢) based on the construction pile resistance
verification method required in the plans to predict the nominal axial capacities (static
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determination of ultimate pile resistance) during design, which is used to select the number of
piles and pile plan lengths.

Additional considerations that have gone into the selection of SCDOT geotechnical resistance
factors are as follows:

The definition of a “Site” is the same as presented in the AASHTO LRFD specifications
with the exception that a “Site” cannot have a variability greater than “Medium”. If a
“Site” classifies as a “High” variability, the “Site” shall be reduced in size to maintain a
variability of “Low” or “Medium.” The Site Variability shall be determined as indicated in
Chapter 7.

Resistance factors are based on a Site Variability of “Low” or “Medium”

When field load testing is used, a minimum of 1 test pile is required per “Site” and it is
typically placed at the weakest location based on the subsurface soil investigation and
design methodology.

The Contractor's pile installation plan is reviewed by SCDOT and the pile driving
installation equipment is evaluated using the Wave Equation

Wave Equation Analysis is used to verify the field pile resistance during pile driving. The
Wave Equation is calibrated using signal matching (CAPWAP) with the dynamic testing
results.

When load tests are performed, the test pile installation is monitored with the Pile Driving
Analyzer (PDA).

All bridges, regardless of the OC, will be designed using the same geotechnical
Resistance Factors to maintain the same level of variability.

Load modifiers presented in Chapter 8 are not used to account for the influence of redundancy
in geotechnical foundation design. Redundancy in deep foundation design is taken into account
by the selection of the geotechnical resistance factor. Non-redundant pile foundations are those
foundations that have pile footings with less than 5 piles supporting a single column, or less
than 5 piles in a pile bent. Otherwise the foundations are redundant.

A resistance factor of 1.0 should be used for soils encountered in scour zones or zones
neglected in design when performing pile driveability evaluations or when determining the
required driving resistance. A resistance factor 10 percent greater than that shown in Table
9-2 can be used for the pile tested, but shall not exceed a resistance factor of 0.80. Except
for redundant piles in low and medium site variability conditions when 2 or more piles are
statically tested, the resistance factors provided in Table 9-3 shall be used.
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Table 9-2, Geotechnical Resistance Factors for Driven Piles

Analysis and Method of Determination

Limit States

Strength

Redundant

Non-
Redundant

Service

Extreme
Event

Nominal Resistance Single Pile in Axial
Compression (soil) with Wave
Equation @

0.50

0.40

N/A

1.00

Nominal Resistance Single Pile in Axial
Compression (rock) with Wave
Equation @

0.60

0.50

N/A

1.00

Nominal Resistance Single Pile in Axial
Compression with High Strain Load
Testing (PDA) and calibrated Wave
Equation ©®

0.65

0.55

N/A

1.00

Nominal Resistance Single Pile in Axial
Compression with Static Load Testing.
Dynamic Monitoring (PDA) of test pile
installation and  calibrated Wave
Equation ¢,

See Table 9-3

N/A

1.00

Nominal Resistance Single Pile in Axial
Compression with Rapid Load Testing
For Friction Piles. Dynamic Monitoring
(PDA) of test pile installation and
calibrated Wave Equation

0.65

0.55

N/A

1.00

Nominal Resistance Single Pile in Axial
Compression with Rapid Load Testing
For End Bearing Piles in Rock or Very
Dense Sand. Dynamic Monitoring (PDA)
of test pile installation and calibrated
Wave Equation @,

0.70

0.55

N/A

1.00

Pile Group Block Failure (Clay)

0.60

N/A

N/A

1.00

Nominal Resistance Single Pile in Axial
Uplift Load with High Strain Load Testing
(PDA) and calibrated Wave Equation ®

0.50

0.40

N/A

0.80

Nominal Resistance Single Pile in Axial
Uplift Load with Static Load Testing

0.60

0.50

N/A

0.80

Group Uplift Resistance

0.50

N/A

N/A

N/A

Single or Group Pile Lateral Load
Geotechnical Analysis (Lateral
Displacements)

1.00

1.00

1.00

1.00

Single or Group Pile Vertical Settlement

1.00

1.00

1.00

1.00

Pile Driveability — Geotechnical Analysis

1.00

1.00

N/A

N/A

) applies only to factored loads less than or equal to 600 kips.
Dynamic testing is required on at least 2 piles per pile type and per “site”, but no less than 2 percent of the total
groduction piles per pile type for each approved hammer type used.
) See Table 9-3 for number of static load testing required.

Dynamic testing is used to control the construction of pile foundations by verifying pile
resistance (signal matching required - CAPWAP), calibrating wave equation inspector charts
based on signal matching, and monitoring the pile driving hammer performance throughout the

project.

All test and index piles should require dynamic testing to monitor pile installation. The number
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of dynamic tests shall conform to the requirements of Note 2 to Table 9-2. Include an equal
number of additional dynamic tests if restrikes are required for test piles or index piles. For
bridges with more than 200 piles, a minimum 3.0 percent of the piles for “Sites” with “Low”
variability or 6.0 percent of the piles for “Sites” with “Medium” variability should be included in
the contract as test piles to allow for evaluation of poor or highly variable hammer performance
or pile restrikes to verify pile resistance throughout the project. The additional dynamic testing
of production piles shall be used uniformly throughout the “Site” for QC of the Contractor’s pile
driving operations.

Table 9-3, Number of Static Load Tests per Site

Resistance Factor (¢)
Num;)ertof Stagg; Load Low Site Variability Medium Site Variability
ests per Site Non- Non-
P Redundant Redundant Redundant Redundant
1 0.80 0.65 0.70 0.60
2 0.90 0.70 0.75 0.65
3 or more 0.90 0.70 0.85 0.70

952 Drilled Shafts

Drilled shaft geotechnical resistance factors (¢) have been provided in Table 9-4. Resistance
factors are provided for Clay, Sand, Rock, and IGM as well as dynamic, static and rapid load
testing.

Additional considerations that have gone into the selection of SCDOT geotechnical resistance
factors are as follows:

e The definition of a “Site” is provided in Chapter 7 of this Manual. A “Site” cannot have a
variability greater than “Medium”. If a “Site” classifies as a “High” variability, the “Site”
shall be reduced in size to maintain a variability of “Low” or “Medium.”

e Resistance factors are based on a site variability of “Low” or “Medium.”

e When field load testing is used, a minimum of 1 test shaft is required per “Site” and it is
typically placed at the weakest location based on the subsurface soil investigation and
design methodology.

As discussed in Chapter 8, load maodifiers will not be used to account for the influence of
redundancy in geotechnical foundation design. Redundancy in deep foundations is taken into
account by the selection of the geotechnical resistance factor. Non-redundant foundations are
those drilled shaft footings with 4 or less drilled shafts supporting a single column or individual
drilled shafts supporting individual columns in a bent regardless of the number of columns in the
bent. Drilled shaft footings with 5 or more drilled shafts are classified as redundant drilled shaft
foundations. If the foundation is a hammerhead (1 shaft and 1 column per bent) reduce the
non-redundant resistance factor by 20 percent.

Because drilled shaft capacities cannot be verified individually during construction (only
drilled shaft installation monitoring), a single resistance factor will be provided on the plans
for both redundant and non-redundant drilled shafts. No increases in resistance factors will
be allowed when performing multiple load tests within a “Site” as indicated in Table 9-3. A
resistance factor 10 percent greater than that shown in Table 9-4 can be used for the drilled
shaft tested, but shall not exceed a resistance factor of 0.80.
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Table 9-4, Resistance Factor for Drilled Shafts

Limit States
Performance Limit Strength , Extreme
Redundant Non- Service | “eyent
Redundant®
Clay Si(_je 0.55 0.45 N/A 1.00
Nominal T_|p 0.50 0.40 N/A 1.00
Resistance Sand S|qle 0.65 0.55 N/A 1.00
Single Drilled Tlp 0.60 0.50 N/A 1.00
: . Side 0.70 0.60 N/A 1.00
Shaft in Axial IGM :
Compression T_|p 0.65 0.55 N/A 1.00
Rock S|qle 0.60 0.50 N/A 1.00
Tip 0.60 0.50 N/A 1.00
Nominal Resistance Single Drilled
Shaft in Axial Compression with High 0.65 0.65 N/A 1.00
Strain Load Testing
Nominal Resistance Single Drilled
Shaft in Axial Compression with Static 0.70 0.70 N/A 1.00
Load Testing
Nominal Resistance Single Drilled
Shaft in Axial Compression with Rapid 0.65 0.65 N/A 1.00
Load Testing.
Nominal Resistance Single Clay 0.45 0.35 N/A 1.00
Drilled Shaft in Axial Uplift Sand 0.55 0.45 N/A 1.00
Load IGM 0.55 0.45 N/A 1.00
(Side Resistance) Rock 0.50 0.40 N/A 1.00
Nominal Resistance Single Drilled
Shaft in Axial Uplift with Static Load 0.60 0.60 N/A 1.00
Testing
(D(;:g?()j Shaft Group Block Failure 0.55 N/A N/A 1.00
Drilled Shaft Group Uplift Resistance 0.45 N/A N/A 1.00
Single or Group Drilled Shaft Lateral
Load Geotechnical Analysis (Structural 1.00 1.00 1.00 1.00
Resistance)
Single or Group Drilled Shaft Lateral
Load Geotechnical Analysis (Lateral 1.00 1.00 1.00 1.00
Displacements)
Single or Group Drilled Shaft Vertical 1.00 1.00 1.00 1.00
Settlement

@ |f foundation is a hammerhead (1 shaft and 1 column per bent) reduce the non-redundant resistance factor by

20 percent.

9.6 EMBANKMENTS

Geotechnical Resistance Factors (¢) for both bridge and roadway embankments (both
unreinforced and reinforced) have been modified slightly from those specified in the AASHTO
LRFD Specifications. Resistance factors for embankments (fill) sections and cut-sections are
shown in Table 9-5. The ¢ for temporary embankments is indicated in Table 9-5. The global
stability resistance factors for the EE | limit state check includes the inertial effects (i.e., PGA) of
the seismic event as determined in Chapter 12. Should the presence of soils that will undergo
SSL be encountered on a site, see Section 9.9 for the required resistance factors. The GEOR
should use engineering judgment to possibly lower the resistance factor for the possible
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consequences of failure.

Table 9-5, Resistance Factors for Embankments (Fill / Cut Section)

Limit States
Performance Limit Service Extreme

Temporary' | Perm. Event
Lateral Squeeze 0.90 0.75 1.00
Lateral Displacement 1.00 1.00 1.00
Vertical Settlement 1.00 1.00 1.00
Global Stability Embankment (Fill) 0.90 0.75 1.00°
Global Stability Cut Section 0.90 0.75 1.00°

Use if vertical staging is required or if temporary condition will exist.
%Global stability analyses for Extreme Event | limit state that have resistance factors greater than specified
require a displacement analysis to determine if it meets the performance limits presented in Chapter 10.

9.7 EARTH RETAINING STRUCTURES

Geotechnical Resistance Factors (¢) for ERSs have been modified slightly from those specified
in the AASHTO LRFD Specifications by varying resistance factors based on the retaining wall
system type. Resistance factors are provided for external stability of the structure with respect
to bearing, sliding, and passive resistance. Resistance factors for bearing resistance are
specified for soil and rock. Resistance factors for sliding are based on the materials at the
sliding interface. The ¢ provide in Tables 9-6 and 9-7 may require modification downward for
both the Service and the EE limit states depending on what the ERS is supporting (i.e., a
building or bridge (supported on shallow foundations)). For ¢ due to internal stability of
Mechanically Stabilized Earth (MSE) walls see Section 9.8. Resistance factors for Rigid Gravity
Retaining Walls are provided in Table 9-6; Flexible Gravity Retaining Walls are provided in
Table 9-7 and Cantilever Retaining Walls with or without anchors are provided in Table 9-8.
The ¢ provided in these tables apply to both permanent and temporary ERSs. The use of rigid
gravity ERSs as temporary ERSs is not anticipated; therefore, ¢ will not be provided. The
global stability resistance factors for the EE | limit state check include the inertial effects (i.e.,
PGA) of the seismic event as determined in Chapter 12. Should the presence of soils that will
undergo SSL be encountered on a site, see Section 9.9 for the required resistance factors. The
GEOR should use engineering judgment to lower the resistance factor for the possible
consequences of failure.

Rigid gravity retaining walls include cast-in-place concrete walls typically used in roadway
projects. Flexible gravity retaining wall systems include bin walls; panel and block face MSE
walls. Cantilever walls include sheet pile walls and soldier pile walls.
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Table 9-6, Resistance Factors for Rigid Gravity Retaining Walls

Limit States
Performance Limit Strength Service Extreme

Event
Soil Bearing Resistance (Soil) 0.55 N/A 1.00
Soil Bearing Resistance (Rock) 0.55 N/A 1.00
Sliding Frictional Resistance (Cast-in-place 1.00 N/A 1.00
Concrete on Sand)
Sliding Frictional Resistance
(Cast-in-place or Precast Concrete on Clay) 1.00 N/A 1.00
Sliding Frictional Resistance (Precast Concrete 1.00 N/A 1.00
on Sand)
Lateral Squeeze N/A 0.75 1.00
Lateral Displacement N/A 1.00 1.00
Vertical Settlement N/A 1.00 1.00
Global Stability Fill Walls N/A 0.75 1.00"
Global Stability Cut Walls N/A 0.75 1.00"

'Global stability analyses for Extreme Event | limit state that have resistance factors greater than specified
require a displacement analysis to determine if it meets the performance limits presented in Chapter 10.

Table 9-7, Resistance Factors for Flexible Gravity Retaining Walls

Limit States
Performance Limit Strength Service Extreme

Temporary® | Perm. Event
Soil Bearing Resistance (Soil) 0.65 N/A N/A 1.00
Soil Bearing Resistance (Rock) 0.65 N/A N/A 1.00
Sliding Frictional Resistance 0.90 N/A N/A 1.00
Lateral Squeeze N/A 0.80 0.75 1.00
Lateral Displacement N/A 1.00 1.00 1.00
Vertical Settlement N/A 1.00 1.00 1.00
Global Stability Fill Walls N/A 0.80 0.75 1.00°
Global Stability Cut Walls N/A 0.80 0.75 1.00°

1Use if vertical staging is required or if temporary condition will exist.

%Global stability analyses for Extreme Event | limit state that have resistance factors greater than specified
require a displacement analysis to determine if it meets the performance limits presented in Chapter 10.
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Table 9-8, Resistance Factors for Cantilever Retaining Walls

Limit States
Performance Limit Strength Service E)étreme

vent

éIXIaI Compressive Resistance of Vertical Sections 9.4 and 9.5 Apply
ements
Passive Resistance of Vertical Element 0.75 N/A 0.85
Flexural Resistance of Vertical Element 0.90 N/A 0.90
Tensile Mild Steel (ASTM A615) 0.900* 0.90"
Resistance of High Strength Steel N/A 1 1
Anchor @ (AgSTM A732) 0.80 0.80
Pullout Sand and Silts 0.65° 0.90°
Resistance of Clay N/A 0.70° 1.00°
Anchors @ Rock o 0.50° 1.00°
Anchor Pullout Resistance Test 3 3
(With proof test of every production anchor) N/A 1.00 1.00
Temporary* | Final

Lateral Displacement N/A 1.00 1.00 1.00
Vertical Settlement N/A 1.00 1.00 1.00
Global Stability Fill Walls N/A 0.80 0.75 1.00°
Global Stability Cut Walls N/A 0.80 0.75 1.00°

1Apply to maximum proof test load for the anchor. For mild steel apply resistance factor to F,. For
high-strength steel apply the resistance factor to guaranteed ultimate tensile strength.

2Apply to presumptive ultimate unit bond stresses for preliminary design only. See AASHTO LRFD (C11.9.4.2)
specifications for additional information.

3Apply where proof tests are conducted on every production anchor to load of 1.0 or greater times the factored
load on the anchor.

“Use if vertical staging is required or if temporary condition will exist.

°Global stability analyses for Extreme Event | limit state that have resistance factors greater than specified
require a displacement analysis to determine if it meets the performance limits presented in Chapter 10.

9.8 REINFORCED SOIL (INTERNAL STABILITY)

Geotechnical Resistance Factors (¢) for analysis of internal stability of reinforced soils are
based on AASHTO LRFD Specifications. Resistance factors for internal stability of reinforced
soils are shown in Table 9-9. Resistance factors may be used in reinforced soil slopes or
MSE walls. The external stability of MSE walls shall be governed by the resistance factors
provided for flexible walls in Table 9-7. The external stability of RSSs with slopes less than
70° shall be governed by the resistance factors provided for embankments in Table 9-5.
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Table 9-9, Resistance Factors for Reinforced Soils (Internal)

Limit States
Performance Limit Strength | Service Extreme

Event
Tensile Resistance of Metallic Strip Reinforcement 0.75 N/A 1.00
Reinforcement and Connectors ¥ | Grid Reinforcement @ 0.65 0.85
Tensile Resistance of Geosynthetic Reinforcement 0.90 N/A 1.20
And Connectors
Pullout Resistance of Tensile Reinforcement 0.90 N/A 1.20

1 . e . .
Apply to gross cross-section less sacrificial area. For sections with holes, reduce the gross area and apply to
net section less sacrificial area.

2Applies to grid reinforcements connected to a rigid facing element (concrete panel or block). For grid
reinforcements connected to a flexible facing mat or which are continuous with the facing mat, use the
resistance factor for strip reinforcements.

9.9 SSL INDUCED GEOTECHNICAL SEISMIC HAZARDS

Geotechnical Resistance Factors (¢) for SSL and SSL induced geotechnical seismic hazards
are provided in Tables 9-10 and 9-11. Resistance factors for other seismic hazards that are not
SSL induced (i.e., seismic slope stability, lateral foundation displacements, downdrag on deep
foundations, etc.) are addressed under the Extreme Event limit state for each specific structure.
These resistance factors apply only to the EE | limit state and either SSL (Table 9-10) or SSL
induced geotechnical seismic hazards (Table 9-11).

Table 9-10, Resistance Factors for Soil Shear Strength Loss

Resistance
Seismic Hazard Description SF;rztt?orl EE)S(;?]T;E
¢
Sand-Like Soil Shear Strength Loss (Liquefaction) (Triggering) (sl -sand 0.90
Clay-Like Soil Shear Strength Loss (Triggering) QsLClay 0.90

Flow failure is the global instability induced by SSL beneath an embankment or ERS without the
effect of the inertial loading. Seismic instability is the combination of SSL beneath an
embankment or ERS with the effect of inertial loading. Both of these checks are for sites that
have undergone SSL.

Table 9-11, Resistance Factors for Soil SSL Induced Seismic Hazards

Resistance
N — Factor Extreme
Seismic Hazard Description Symbol Event |
¢
Flow Failure (Triggering) QFiow 1.00
Seismic Instability DEQ-Stability 1.00
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CHAPTER 10
GEOTECHNICAL PERFORMANCE LIMITS

10.1 INTRODUCTION

LRFD incorporates the use of limit states as a condition beyond which a component/member or
foundation of a structure ceases to satisfy the provisions for which it was designed. The
Strength, Service and Extreme Event limit states have design boundary conditions for structural
performance that account for some acceptable measure of structural movement throughout the
structure’s design life.  The performance limits for geotechnical structures such as
embankments and ERSs are presented in this Chapter. Although performance limits for bridge
foundations are not presented, the determination of the settlement of bridge foundations is
required and shall be reported to the SEOR, who will determine if the structure is capable of
withstanding these deformations.

The design of embankments shall include consideration for the performance of the pavements
as well as any structure located within the embankments (i.e., culverts, pipes, and ERSs). No
performance objectives or limits have been established for hydraulic structures (i.e., culverts
and pipes). The acceptable performance of a hydraulic structure is based on the integrity of the
structure and the ability of the structure to continue to function as designed (i.e., convey water
from one side of the embankment to the other). Therefore, the GEOR shall report anticipated
deformations (i.e., total and differential settlement, etc.) to both the SEOR as well as the HEOR.
It is the responsibility of these designers (i.e., SEOR and HEOR) to determine if the hydraulic
structure will perform as designed given the anticipated deformations.

Performance limits are based on the design life of the structure. For bridge structures the
design life shall be 75 years, as established by AASHTO LRFD Specifications, and for other
non-bridge elements (embankments and ERSs) the design life shall be 100 years. However, it
is noted that the typical design life for pavements is 20 years and that this life shall be used in
the determining the amount and acceptable rate of deformation for embankments. Structures
that cannot be replaced without significant expense or that may be subject to structural distress
due to environmental conditions (corrosion, biological degradation, etc.) may have a design life
that exceeds the typical design life. The structural performance under Strength, Service and
Extreme Event loads are typically expressed in terms of settlement, settlement rate, differential
settlement, vertical displacement, lateral displacements, rotations, etc.

The LRFD geotechnical design philosophy and the load factors, vy, for geotechnical engineering
are provided in Chapter 8. The geotechnical resistance factors, ¢, for the Strength, Service,
and Extreme Event limit states are provided in Chapter 9. The design methodology to analyze
structure performance shall be in accordance with AASHTO design methodology with
modifications/deviations as indicated in the appropriate Chapters of this Manual. The load and
resistance factors provided in this Manual shall be used. These factors were considered in the
selection of the performance limits established in this Chapter.
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10.2 PERFORMANCE OBJECTIVES
10.2.1 General

Transportation structures are typically thought of as being rigid and stationary, but in reality they
deform throughout their service life due to various physical (loads) and environmental
(temperature, degradation, etc.) conditions exerted on the structures. The deformations range
from the elastic range where no permanent deformations remain after unloading, to the plastic
range where deformations become permanent even after unloading, and finally to rupture where
the material is permanently severed and collapse is imminent. The types of loadings that cause
these deformations are discussed in Chapter 8. The deformations experienced by geotechnical
structures are typically non-linear, dependent on subsurface site variability, influenced by
environmental factors, and are highly dependent on soil-structure interaction due to strain
compatibility  (stiffness) between soil, aggregates (stone, gravel, etc.), soll
reinforcements/anchors (steel or geosynthetic), and reinforced concrete, steel, etc. Soils are
considerably more compressible, have essentially no tensile strength, and have shear strengths
that occur at considerably larger displacements than occur in most typical structural elements.
Unlike concrete and steel, soil properties are highly variable. Soils found in-place may vary
significantly over short distances both vertically and horizontally because soil composition and
properties are based on geologic mechanisms. When soils are engineered through material
selection and construction control, soil variability in composition and density can still occur as a
result of the non-uniformity of the material stockpile, weather, and construction.

Performance Limits are the result of first establishing Performance Objectives for typical
structures used by SCDOT such as embankments, ERSs, bridge and hydraulic structures.
Performance Objectives should be established by the design team based on guidelines
established by SCDOT for each limit state the structure is being designed for. Once the
Performance Objectives are established, the design team should establish Performance Limits
for each structure to meet the level of functionality defined by the objectives. These
Performance Objectives and Performance Limits shall have the concurrence and acceptance of
the PC/SDS and the PC/GDS. This Chapter provides the Performance Objectives and
Performance Limits for embankments and ERSs. The Performance Objectives and
Performance Limits for bridge structures at the Strength, Service or Extreme Event limit states
shall be developed by the SEOR on a project specific basis. The Performance Objectives and
Performance Limits for hydraulic structures including 3-sided culverts, concrete box culverts,
pipes, etc. at the Service or Extreme Event limit states shall be developed on a project specific
basis by the SEOR and HEOR (see Section 10.1). When evaluating the performance of
hydraulic structures, consideration of adjacent structures such as Embankments (Section 10.8)
or ERSs (Section 10.9) shall be given since the Performance Objectives and Performance
Limits of these geotechnical structures may not be compatible with the requirements for
hydraulic structures.

The Performance Obijectives define the level of functionality of the structure for the limit state
loading condition being evaluated. Performance Obijectives are based on:

e Limit State: Service | limit state or Extreme Event limit state load combinations
defined in Chapter 8.
e Operational Classification: Bridge OC (see Seismic Specs).

Typically, there is no adjustment for variability in both the load and resistance portions of the
analysis. The load (y) and resistance (¢) factors generally used in geotechnical analyses are
unity (1.0) unless indicated otherwise in Chapters 8 and 9. When load factors greater than unity
(y > 1.0) or resistance factors less than unity (p < 1.0) are used, this is typically due to the
variability or uncertainty associated with the load or resistance being computed. The design
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intent is to analyze the most likely behavior of the structure when subjected to typical loadings
for each limit state.

Temporary (i.e., having a life of less than 5 years) embankments and structures (e.g., temporary
steepened slope, temporary ERSs, etc.) shall not be designed for the EE | limit state. Project
specific Performance Objectives and Performance Limits for temporary embankments and
structures at the Service limit state shall be based on whether the structure is critical or is
support of excavation only (see Chapters 17 and 18). The design team shall determine whether
a temporary embankment or structure is for excavation support only or is critical. In addition,
the Performance Objectives and Performance Limits shall be established by the design team.

The Performance Objectives and Performance Limits for both permanent and temporary
structures at the EE Il (collision/impact loadings only) limit state are developed on a project
specific basis by the design team. The Performance Objectives and Performance Limits for this
limit state check shall be established by the design team and shall have the concurrence and
acceptance of the PC/SDS and the PC/GDS. For the EE Il (check flood (500-yr flow event))
limit state, stability shall be maintained (i.e., a resistance factor of 1.0 (¢ =1.0) shall be obtained
from the analysis). See Chapters 15 through 18 for analysis procedures.

Development of Performance Objectives and Performance Limits for structures subjected to
Service and Extreme Event loadings that are not included in this Chapter shall be developed by
the design team on a project specific basis. These Performance Objectives and Performance
Limits shall have the concurrence and acceptance of the PC/SDS and the PC/GDS.

10.2.2 Service Limit State Performance Objectives

The Performance Objective for the Service limit state requires that, with standard SCDOT
maintenance, the structure remains fully functional to normal traffic for the design life of the
structure. The performance of a structure under Service loads is influenced by many factors
that may or may not be within the designer’'s control. Provided in Appendix K is a list of
considerations that may influence the performance of the structure over its design life Service
limit state.

10.2.3 Extreme Event Limit State Performance Objectives

The Extreme Event limit states (EE | and EE Il) are load combinations that are typically in
excess of the Service limit state loadings and may also be in excess of the Strength limit state.
The loadings from these Extreme Events are typically the result of seismic events or the check
flood (500-yr flow event) or collisions from ships, barges, or vehicles. The Extreme Event limit
states have the potential to cause damage to a structure and impact the structure’s functionality.
Even though Extreme Event limit states typically have a low probability of occurring within the
design life of the structure, these limit state loadings must be evaluated since the potential for
loss of life and loss of service of the structure can be significant. Because the probability of
these events occurring is relatively low, a lower safety margin is used and performance limits
are less rigid than those for the Service limit state. The damage resulting from these Extreme
Event loading conditions may be significant enough to warrant replacement of the structure, but
the bridges should have a low probability of collapse due to seismic motions.

The Performance Obijectives for the Extreme Event limit state of a structure are defined by
selecting an appropriate Service Level and Damage Level for each component/member or
foundation element being analyzed. For complex structures such as bridges and ERSs,
performance objectives are first given to the overall structure and then component performance
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objectives are given to the individual component/members or foundation of the structure.
Although this approach is somewhat subjective at this time, it allows for a more methodical way
of evaluating each component of the structure to assure that the component meets the overall
performance objective of the complete structure. The Performance Objectives for the EE | limit
state for bridges are provided in the Seismic Specs. The Performance Objectives and
Performance Limits for bridges for the EE |l should be established by the design team.

The Performance Objectives for the EE | limit state for bridge embankments and any ERSs
located within the bridge embankment are that any movements shall conform to the
Performance Objectives established for the bridge in the Seismic Specs and are based on the
OC of the bridge as indicated in the Seismic Specs. It should be noted that certain slopes,
embankments and ERSs do not required global stability analysis during the EE | limit state, see
Chapters 13 (embankments) and 14 (ERSs) for these conditions.

The Service and Damage Level descriptions are provided in the Seismic Specs and are
intended to apply to bridges, roadway structures and bridge embankments. Because soils
found in-place and within embankments may significantly vary within short distances both
vertically and horizontally due to South Carolina geology, it is difficult to associate closure time
and degree of collapse along a continuous embankment. Generally, it is not economically
feasible to entirely prevent failure of a roadway embankment due to a seismic event; however, a
bridge embankment can and will be improved as required to prevent the collapse of the bridge.
This should not be taken as to mean that movement of the bridge or embankment is not
allowed, but that movement commiserate with the Performance Objective of the bridge is
permitted. Observations from past earthquakes around the world indicate that embankment
failures are isolated and discontinuous after a seismic event and the accessible area along the
top of the embankment has for the most part remained traversable. Based on these
observations, roadway embankments that are not designed for seismic events may still be
traversable even though they may exhibit significant damage that may require repair.

The EE | limit state is a load combination that is associated with a design seismic event.
SCDOT uses the design seismic events listed in the Seismic Specs. Additional information
concerning the design seismic events can be found in Chapters 11 and 12. The Performance
Objectives and seismic design requirements for bridges are provided in the latest edition of the
Seismic Specs. While the Seismic Specs limit the applicability of the 2-level design (i.e.,
designing using both FEE and SEE) for bridges, all bridge embankments and ERSs located
within bridge embankments shall be designed for both seismic events. ERSs located in
roadway embankments shall be designed for the SEE only.

The EE Il limit state is associated with vehicular or vessel collision/impact and certain hydraulic
events including the check flood (500-year flow event). Project specific Performance Objectives
and Performance Limits shall be determined by the design team and shall have the concurrence
and acceptance of the PC/SDS and the PC/GDS for vehicular or vessel collision/impact as
applicable to ERSs. The Performance Objectives for the check flood shall conform to the
requirements contained in this Manual. EE Il (collision/impact loadings only) limit state loadings
shall not be considered in the design of embankments. However, the stability of an
embankment shall be determined using the EE Il (check flood (500-yr flow event)).

10.3 PERFORMANCE LIMITS

The Performance Limits that are specified in this Manual are for new construction including
embankment widenings required during staged bridge replacement, but do not apply to
retrofitting or maintaining existing structures or embankments. For road or bridge embankments
widened as part of either the widening of a road or the widening of an existing bridge, only the
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Service limit state checks will be required. Performance Limits have been developed based on
SCDOT design and construction standards of practice contained in this Manual, AASHTO LRFD
Specifications, FHWA publications, BDM, Seismic Specs, and in accordance with SCDOT
construction specifications and SCDOT experience. SCDOT reserves the right to modify these
Performance Limits based on project specific requirements or as new research or additional
experience becomes available.

The Performance Limits presented are based on the deformations that occur at the Service and
EE limit states. The deformations determined at the Service limit state shall be compared to the
Performance Limits contained in this Manual. If the deformations exceed the Performance
Limits contained in this Manual, the GEOR shall consult with the design team to determine the
impact of the deformations on the Performance Objectives. The design team shall make the
determination of whether remediation is required or not. If remediation is not required the
GEOR shall report the deformations and shall indicate that the design team has elected to not
remediate the limit state as the Performance Obijectives are still met. If remediation is required,
both the SEOR and GEOR shall consider different remediation options and shall present the
various options to the design team along with the anticipated cost of the remediation. The
design team will select the most appropriate remediation to achieve the Performance Objectives
of the project. This should include the longitudinal and transverse limits of remediation as well
as the depth of remediation.

The EE limit state Performance Limits shall be considered a general guide and not a limit. The
design team has the ultimate responsibility for determining performance of the project/structure
during the design seismic event. The performance must meet the required Performance
Objectives as described in the Seismic Specs. The design team has the responsibility to ensure
that the Performance Limits are used judiciously so as not to place in jeopardy the Performance
Objectives of the structure being designed. It is the GEOR'’s responsibility to present the
geotechnical performance findings to the design team and to assist the design team in
evaluating geotechnical and structural solutions for maintaining the structure’'s performance
within the Performance Objectives and Performance Limits previously established by the design
team. If the design team makes no comment concerning the geotechnical performance
findings; the GEOR may assume the findings are acceptable and no remediation will be
required.

The Performance Limits specified in this Chapter are specific to the type of structure being
designed. The acceptable deformations specified are based on the structure’s intended use as
provided in the Service limit Performance Objectives for Embankments (Section 10.8) and Earth
Retaining Structures (Section 10.9). Performance Limits may need to be adjusted for these
structures based on any adjacent structures such as hydraulic structures, utilities (water, gas,
electricity, phone, etc.), pavements, bridges, ERSs, signs, homes, buildings, etc. that may be
impacted by the deformations that are deemed acceptable for the structures that are addressed
in this Manual. For example, settlements that may be acceptable for an embankment may not
be acceptable for an existing building within the influence of a roadway embankment. Another
example where the Performance Limits provided may not be acceptable would be during global
instability where deformations of an embankment may distress adjacent structures such as
bridges, side ramps, or other structures beyond the Right-of-Way.

Performance Objectives and Performance Limits not covered in this Manual shall be determined
by the design team and shall have the concurrence and acceptance of the PC/SDS and the
PC/GDS. The design team will first establish Performance Objectives for the structure being
analyzed. Once the Performance Objectives have been developed and accepted, Performance
Limits shall be established that meet the Performance Objectives.
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10.4 DEFORMATIONS

Deformations are specified in terms of vertical and lateral displacements, whereas Performance
Limits are not to exceed deformations (i.e., acceptable displacements). Displacements can be a
result of direct movements such as settlement of an embankment or as a result of rotations
such as embankment instability or foundation rotations due to lateral loadings. Vertical
displacements that occur in a downward direction (into the ground) are referred to as
settlement. Specifying a Maximum Vertical Settlement (i.e., a Performance Limit) can help to
control total settlements. Damage or poor performance of a structure most often occurs as a
result of excessive differential displacements. An example of this would be a bridge with
foundations supported by rock and with an approach embankment supported on very
compressible soils. While the bridge would remain relatively stationary vertically, the approach
embankment would settle substantially relative to the bridge. The vertical differential
displacements would affect vehicle rideability and add structural loads to the abutment
foundations as a result of downdrag on deep foundations. Specifying a Maximum Vertical
Differential Settlement would help to control the differential vertical displacements that occur
between the bridge abutment and the bridge approach embankment to an acceptable level of
performance. There may be situations where vertical displacements act upward, due to heave
or differential movements of a structure. This condition may cause part of the structure to move
up when other parts of the structure move downward (settle). The Maximum Vertical Differential
Displacement limits also control these upward and downward displacements to an acceptable
level of performance.

Lateral displacements (horizontal movements) are identified as occurring in either the
longitudinal or transverse directions. On bridges and roadways, the longitudinal direction is
parallel to the centerline, while the transverse direction is perpendicular to the centerline.
Unless otherwise indicated in the performance limit description, the lateral displacements do not
have sign convention and may occur in either direction.

10.5 GLOBAL INSTABILITY DEFORMATIONS

Accepted design methodologies for evaluating the global stability of a structure at the Strength
limit state are not currently available. Currently, global stability is evaluated at the Service limit
state using appropriate resistance factors that provide for designs that are the equivalent of
ASD. This method of evaluating global stability assumes that the driving and resisting forces
are maintained in equilibrium within an appropriate safety margin and therefore no
displacements occur. Embankments and ERSs at the Service limit state shall have global
stability checked (Chapter 17); however, a specified resistance factor, ¢ (margin of safety)
against instability must be achieved (i.e., deformation of the embankment or ERS is not
allowed). Therefore, there are no Performance Limits for global instability at the Service limit
state for either embankments or ERSs. If the required resistance factor, ¢, is not achieved, then
either ground improvement (see Chapter 19) will be required to maintain stability or the slope
may be made flatter (i.e., decrease slope from 2H:1V to 3H:1V). Embankments and ERSs at
the EE Il (check flood (500-yr flow event)) limit state are required to just maintain stability (i.e., ¢
= 1.0); therefore, just like at the Service limit state there are no Performance Limits.

The Performance Objectives for embankments and ERSs at EE | limit state is that neither the
embankments nor the ERSs adversely affect the bridge structure during the design seismic
event. Bridge embankments are defined in Chapter 2 and shall include any ERSs. ERSs
beyond this longitudinal limit are discussed in the following paragraphs.

Global stability analysis shall be performed to determine the portion of the embankment (i.e.,
bridge embankment) that will have instability during the EE | limit state and that will directly
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affect the bridge (i.e., typically the front slope, see Figure 10-1). Mitigation shall be limited
longitudinally from the bridge to the point where the Global Performance Objectives of the
Bridge System are met (see Seismic Specs). The embankment beyond this point is a roadway
embankment and is not required to be seismically designed. ERSs not located within bridge
embankments shall be designed for no collapse. These ERSs shall be designed to account for
the surrounding area and shall be allowed to displace as necessary.

. Fronl Slope

End af Appraach
Sinb

Figure 10-1, Front Slope Definition

Deformations can only occur when there is an imbalance of the driving and resisting forces
within the earthen mass. Because the Performance Objectives for the EE | limit state permits
an acceptable amount of deformation, global instability analyses and the subsequent
deformation determination must be made for the EE | limit state. Embankment deformations
associated with the EE | limit state (seismic loadings) include flow failure, seismic instability, and
seismic settlement. Deformations associated with flow failure are assumed to exceed the
Performance Limits for the EE | limit state and must be either mitigated or the bridge protected
from the flow failure. In addition, flow failure also requires the presence of SSL at the project
site. Methods of analyzing deformations due to seismic instability are provided in Chapter 13.
Performance Limits for global instability have been developed that address these types of
deformations and are identified in Table 10-1. The Performance Limits for seismic displacement
are discussed in the following Section.

Table 10-1, Global Instability Deformations Performance Limits
Deformation

Notation ID No. Description
vertical Maximum Vertical Displ t at top of the failure surf
Displacement, GI-01 aximum Vertical Displacement at top of the failure surface
(circular).
Ay
Lateral . . .
Di Maximum Lateral Displacement at either top or bottom of
isplacement, GI-02 . .
A the failure surface (sliding block).
L

EE | limit state Performance Limits for global instability deformations associated with seismic
slope instability are specified along the shear failure surface that results from the imbalance in
the driving and resisting forces of the slope. The evaluation of global instability deformations is
very complex and the methods (Chapter 13) that have been developed to evaluate deformations
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are typically either empirical or are very simplistic models that only provide an approximation of
the slope instability deformations. A considerable amount of engineering judgment will be
required to evaluate embankment deformations. To simplify this evaluation, it can be assumed
that the soil is incompressible, that the deformations occur equally along the critical failure
surface and that failing mass, whether embankment or ERS remains as a block during failure.
The deformations measured along the failure surface shall be considered to be completely
vertical at that top of slope for a circular failure surface (see Figure 10-2), while for a sliding
block failure surface the deformation shall be completely horizontal (lateral) regardless of
whether the displacement is measured at the top or bottom of the slope (see Figure 10-3).

Figures 10-2 and 10-3 depict the results of global instability at the end bent of a bridge. Figure
10-2 indicates a circular failure surface, while Figure 10-3 indicates a sliding block failure
surface. Please note that depending on the stiffness of the piles, the end bent may or may not
move. Therefore, it is possible that the end bent could be in “air” with soil having pulled away
from the end bent. Similar deformations would happen if instead of a slope, an ERS were
located at the end bent.
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Figure 10-2, Embankment Circular Instability at Bridge End Bent
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Figure 10-3, Embankment Sliding Block Instability at Bridge End Bent
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Figures 10-4 and 10-5 indicate the instability of the transverse (side) slope of an embankment
located within the “bridge embankment” portion of the approach embankment. If these
instabilities affect the end bent of the bridge, then either structural or geotechnical mitigation will
be required. The type and amount of mitigation that will be required is based on the
Performance Objectives of the bridge, which are based on the OC of the bridge. OC
determination and the Performance Objectives are defined in the Seismic Specs.

Not to Scale
Figure 10-4, Embankment Circular Arc Instability
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Figure 10-5, Embankment Sliding Block Instability

As indicated previously the global instability assumes that the ERS maintains integrity (i.e., the
ERS functions as a unit) during the instability. If the anticipated failure surface passes through
the ERS, the ERS will need to be increased in size (i.e., the reinforcement material should be
longer for MSE walls or the heel of the wall of a cantilevered gravity retaining wall should be
increased). For ERSs located at the end bent of a bridge, global instability will be handled
similarly to the embankment instability as discussed previously. ERSs located within the portion
of the roadway embankment shall meet the Performance Objectives and Performance Limits
established for ERSs. Figure 10-6 depicts the effect of localized global instability that does not
affect the full length of the ERS. Section B-B is depicted in Figures 10-7 and 10-8, which
indicate the anticipated movements for a circular and sliding block failure surface, respectively.
The Performance Limits for global instability presented in this Chapter only apply to Rigid and
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Flexible Gravity ERSs (see Table 10-6). A global stability check is required for all Cantilevered
ERSs as discussed in Chapter 18.

Global Stability
Failure

ERS Plan ERS

l Top of Wall

ERS Profile

Not to Scale

Figure 10-6, ERS Global Instability

Top of Wall

Not to Scale

Figure 10-7, ERS Circular-Arc Instability (Section B-B)
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Figure 10-8, ERS Sliding-Wedge Instability (Section B-B)
10.6 EMBANKMENT DEFORMATIONS

10.6.1 Embankment Terminology and Deformation Notations

Embankment design with respect to global stability and settlements (deformations) is discussed
in Chapter 17. Terminology used to specify geotechnical performance limits for embankments
along roadways and at bridge approaches is presented in Chapter 2. RSSs as well as
reinforced embankments are included with unreinforced embankments.

Embankment deformation notations are listed in Table 10-2. Embankment deformations where
Performance Limits are specified can be categorized as follows:

o Embankment Settlement
o Embankment/Bridge Transition Settlement
o Embankment Widening Settlement

Table 10-2, Embankment Deformation Notations

Notation Description
Sy Vertical Differential Settlement
Ay Total Vertical Displacement / Settlement
AL Lateral Displacement
Lsiag Longitudinal Length of the approach slab
AL Deformation occurring along the critical failure surface due to slope instability
L Longitudinal distance of area affected by the compressive soils producing
- embankment settlements.
Transverse distance that defines the span of maximum differential settlement
L from the existing embankment (no settlement or minimal settlement) to the
T location of maximum settlement for the portion of new embankment that has
been widened.
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10.6.2 Embankment Settlement

Embankment vertical settlements are typically due to embankments being constructed over
compressible soils that experience soil deformation (elastic compression, primary consolidation,
and secondary compression) under constant load. It is anticipated that elastic compression will
be completed prior to the placement of pavement; however, the total settlement (elastic
compression, primary consolidation, and secondary compression) shall be determined. The
total settlement shall be used in the development of static downdrag loads (see Chapter 16), if
required. Settlement analysis methods are provided in Chapter 17. The vertical settlements
that are evaluated under the Service limit state are as indicated below.

¢ Maximum Settlement from Elastic compression + Primary consolidation + Secondary
Compression (i.e., total settlement occurring during construction)

¢ Maximum Settlement from Primary consolidation + Secondary Compression (i.e.,
total settlement after paving)

o Maximum Differential Settlement from Primary Consolidation + Secondary
Compression (occurs after paving)

The maximum settlement shall be based on a 20-year design life which is used to match the
typical repaving schedule anticipated by SCDOT.

Under the EE | limit state, performance limits for embankment settlement are specifically those
caused by geotechnical seismic hazards that may affect the embankment or subgrade during or
after a seismic event especially at the transition between the embankment and bridge. Methods
of analyzing geotechnical seismic hazards due to soil SSL of the subgrade or seismic
settlement of the embankment and subgrade are discussed in Chapter 13. It is noted that there
is no limit on the amount of vertical settlement that can occur at the end bent of a bridge during
EE I. Instead the vertical movements are converted into downdrag loads that are determined
as discussed in Chapter 16. The maximum differential settlement may be determined under the
EE | limit state analysis. The differential settlements may be either between the end of the
approach slab and the bridge, between a point on the embankment and the end of the approach
slab or between 2 points along the embankment. The longitudinal differential settlement of the
embankment and the bridge should not be determined if an approach slab is present.

Performance limits for embankment settlements are identified in Table 10-3.
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Table 10-3, Embankment Settlement Performance Limits

Notation DeroDrrlrglgt'lon Description
Maximum Settlement from Elastic Compression + Primary
Consolidation + Secondary Compression along the profile
EV-01A grade® that occurs during the duration of the constructi_on of the
Vertical embgnkment and. commences at the'start of c.onstructlon. anq
Settlement terminates just prior to paving operations. This deformation is
A ’ used to adjust borrow requirements, if necessary
v Maximum Settlement from Primary Consolidation + Secondary
EV-01B Compression along the profile grade® over the design life? of
the embankment. The design life begins after the pavement
has been placed (i.e., the settlement that occurs after EV-01A).
Maximum Differential Settlement from Primary Consolidation +
Vertical Secondary Compression occurring longitudinally along the
Differential EV-03 profile grade after the roadway has been paved. Determined
Settlement, either between the end of the approach slab and a point on the
Oy embankment or between 2 points on the embankment that may
affect rideability.

1The longitudinal location of EV-01(A or B) shall be noted (i.e., at end bent, at end of approach slab, at Sta. XX+XX, etc.)
2Design life of 20 years shall be used.

The roadway profile grade (P.G.) for non-divided highways (highways without medians) is
typically located at the center of the roadway as indicated in Figure 10-9. Figure 10-9 is
designated as Section A-A and corresponds to an embankment cross-section taken transverse
to the travel lane as indicated in Figure 10-11. Embankment settlements are evaluated at the
center of embankment sections where the maximum settlements are most likely to occur and
consequentially also where the maximum differential settlements occur.

Centerline Profile Grade

Natural Ground Surface

N

Not to Scale

Figure 10-9, Embankment Settlement (Section A-A)

Divided highways may have a P.G. elevation for each travel direction as indicated in Figure
10-10. Figure 10-10 is designated as Section A-A and corresponds to an embankment
cross-section taken transverse to the travel lane as indicated in Figure 10-11. To differentiate
the divided profile grades the color Blue was used to designate the roadway on the left and the
color Red was used to designate the roadway on the right. Divided highways should be
evaluated separately for each P.G. Settlement analyses must take into account the total
embankment cross-section and the construction sequencing.
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EV-01B

Centerline Profile Grade

Centerline Profile Grade Centerline Profile Grade
Blue Lane Red Lane

Not to Scale

Figure 10-10, Divided Highway (Section A-A)

The Performance Limit EV-01A is for maximum settlement (Ay) that occurs at the profile grade
during the construction of the embankment that begins immediately after construction starts and
ends immediately prior to paving and may be determined at any specified point along the length
of the embankment. Because this deformation also includes elastic compression, EV-01A
should be used to adjust borrow quantities as required. The Performance Limit EV-01B is for Ay
that occurs at the profile grade over the design life (20 years) of the embankment that begins
after the pavement has been placed and may be determined at any specified point along the
length of the embankment.

Performance Limit EV-03 is specified as the maximum differential settlement (6y) occurring
longitudinally along the profile grade. The differential settlement is specified over a distance of
50 feet, measured longitudinally along the embankment. It is anticipated that Performance Limit
EV-03 will be determined only if there is concern about the rideability of the roadway surface.
Performance EV-03 should only be determined from end of the approach slab and another point
along the profile grade of the roadway or between 2 points located along the profile grade. If
vertical displacements are encountered at an isolated location such as shown in Figure 10-11,
the differential settlement performance limit EV-03 may be pro-rated so that at any point along
the distance, L, the tolerances specified are not exceeded. The distance L, shall never exceed

50 feet. There are no Performance Limits for differential settlements (dy) that occur
perpendicular (transverse) to the alignment for new embankments since these types of
displacements are relatively small due to the relatively uniform loading and the assumed low soll
variability in the transverse direction (not typically investigated). If excessive transverse
differential settlement is anticipated to affect the performance of the roadway, refer to Section
10.6.3.
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Figure 10-11, Embankment Settlement Profile

10.6.3 Embankment Widening Differential Settlements

Existing embankments are often widened to accommodate additional traffic lanes or are
widened in order to accommodate a re-alignment of a new bridge being constructed adjacent to
an existing bridge. These Performance Limits are used on roadways where differential
settlement due to widening of the roadway or to soil variability could adversely affect the
roadway pavement. The embankment subject to transverse differential embankment settlement
shall be designed for the Performance Limits indicated in Table 10-3 (EV-01A, EV-01B, and
EV-03), and transverse differential embankment settlement Performance Limit (EV-04) provided
in Table 10-4. It is noted that transverse differential settlement should be anticipated between a
widened portion of the embankment and the existing embankment. The widened embankment
will induce loading on the existing embankment that will in turn cause settle of the existing
embankment. This settlement may potentially cause damage to the existing embankment. The
GEOR should note on the plans that damage is anticipated and that the Contractor is
responsible for maintaining the existing travelway. In addition, the GEOR will coordinate with
Construction to determine the quantities required to maintain the existing travelway.
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Table 10-4, Embankment Widening Settlement Performance Limits

. Deformation -

Notation ID No. Description

; ; Maximum Vertical Differential Settlement occurring
Differential . : -

transverse to the adjusted profile grade between the existing
Settlement, EV-04 ,
5 embankment and the new widened embankment after the
v roadway has been paved.

When existing embankments are widened, a parallel profile grade is established at the location
of maximum vertical settlement for the embankment widening as shown in Figure 10-12. Figure
10-12 is designated as Section A-A and corresponds to an embankment widening cross-section
taken transverse to the travel lane as indicated in Figure 10-11. The performance limits,
EV-01A, EV-01B, and EV-03, are computed in the same manner as discussed in Section 10.6.2
except that the settlements are computed along the profile of maximum settlement. The
maximum vertical differential settlement (EV-04) limits the differential settlements between the
existing embankment and the embankment widening section that may affect the paved roadway
surface. The differential settlements transverse to the embankment are computed at distance
“Lt" between the existing embankment (where zero or minimal settlement occurs) and the new
embankment at point of maximum settlement as indicated in Figure 10-12. For RSSs and
reinforced embankments the differential settlement between the face of the slope and the end of
the reinforcement should be determined. This differential movement should be determined
using the procedure to determine RV-06A and RV-06B as indicated in Table 10-10 and depicted

in Figure 10-17.
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Figure 10-12, Embankment Widening Settlement (Section A-A)
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10.6.4 Embankment/Bridge Transition Settlement

At the transition between the bridge approach embankments and the bridge ends there is a
potential for large differential vertical settlement (6,). The vertical differential settlement can be
significant in magnitude because the bridge end bents are typically supported on deep
foundations that are relatively stationary in the vertical direction as compared to the approach
embankment. If the new bridge approach embankments are placed over compressible soils the
approach embankments tend to settle significantly more than the bridge ends. Performance
Limits for the Embankment/Bridge transition settlement are identified in Table 10-5.

Table 10-5, Bridge/Embankment Transition Settlement Performance Limits

, Deformation _
Notation ID No. Description

Maximum Differential Settlement (6y) between the bridge
End Bent and the end of the Approach Slab after the

EV-05A
roadway has been paved at the end of the pavement
_Vertica_l design life (20 yrs).
Differential Maximum Differential Settlement (3y) between the bridge
Settlement, &y End Bent and a point 1 foot from either the “begin” or

EV-05B “end” of bridge, for bridges without approach slabs after
the roadway has been paved at the end of the pavement
design life (20 yrs).

Differential vertical settlements between the bridge ends and the approach embankments can
significantly affect the roadway rideability at the bridge abutment and at the end of the approach
slab as shown in Figures 10-13 and 10-14.

LSLAB
% = Finished Grade
at End of
Construction
Approach Slab 3. 9
End Bent EV-05A = 0.05"Lsiap
v
I ] — LY
| | \T‘A nna¥- _—,_—;.::-—::_-::'_-;-:_—7__.__:__"___
IV, T
&
T
Bridge Approach EV-01B
Embankment Finished Grade
at End of
Design Life
Not to Scale

Figure 10-13, Bridge-Embankment Transition Settlement with Approach Slab
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Figure 10-14, Bridge-Embankment Transition Settlement without Approach Slab

Performance Limit EV-05A is specified as a percentage of the length of the approach slab
(LsLag) in feet. EV-05B shall be used to determine the differential settlement between the end of
the bridge and the bridge embankment across a distance of 1 foot from the bridge, for bridges
that do not have approach slabs. EV-03 shall not be used to determine the longitudinal
differential displacement between the bridge and the bridge embankment. For purposes of the
transition from the bridge embankment to the bridge EV-05A or EV-05B shall be used,
depending on whether the bridge has an approach slab or not. The differential settlement (dy) is
the absolute value of the difference between the settlement at the end of the approach slab and
the settlement of the End Bent. The vertical settlement at the End Bent shall be used in the
development of static downdrag and is discussed in Chapter 16. The Performance Limit at the
Service limit state is used to minimize the displacements typically observed at the bridge ends
that are typically referred to as the “bump at the end of the bridge.” The EE | limit state
Performance Limit is used to obtain the Performance Objectives of the bridge by maintaining the
Damage and Service Levels required for the design earthquake.

10.7 EARTH RETAINING STRUCTURE DEFORMATIONS

10.7.1 Earth Retaining Structure Terminology and Deformation Notations

ERS selection and design methodologies are discussed in Chapter 18. For the purposes of
defining Performance Limits, ERSs have been classified based on the construction method. A
cut ERS refers to a retaining system that is constructed from the top of the wall to the base of
the wall concurrent with excavation operations of the in-place soil in front of the wall. A fill ERS
refers to a retaining system that is constructed from the base of the wall to top of the wall with
the retained soil being placed during construction. Terminology used to specify geotechnical
Performance Limits for ERSs is presented in Chapter 2.
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Fill ERSs and Cut ERSs that are commonly used by SCDOT have been grouped by categories
as indicated in Tables 10-6 and 10-7, respectively.

Table 10-6, Fill — Earth Retaining Structures (ERS)

Wall Type Category Type
Rigid Concrete Barrier Walls, Concrete Retaining
Rigid Gravity Walls Walls Walls
Semi-Rigid Walls Concrete Stem Walls
Prefabricated Modular .
Gravity Wall Gabion Wall
: . MSE (Full Height Panel Facing)

Flexible Gravity Walls Mechanically Stabilized MSE (Modular Block Facing)
Earth Walls MSE (Precast Panel Facing)

MSE (Gabion Facing)

Table 10-7, Cut — Earth Retaining Structures (ERS)
Category Type
Cantilever Walls Sheet Pile Wall, Soldier Pile Wall, Tangent/Secant Pile Wall,
Sheet Pile Wall w/ Anchor, Soldier Pile and Lagging Wall w/
Anchor, Tangent/Secant Pile Wall w/ Anchors
In-Situ Reinforced Earth Walls Soil Nailed Wall

Cantilever Walls with Anchors

The Performance Limits for Fill and Cut ERSs are based on the intended use and the type of
wall being considered. There are many types of walls and each wall has its own limitations,
advantages, and disadvantages with respect to economics, construction, and performance.
Proper ERS selection (see Chapter 18) is essential for the retaining system to meet the
Performance Limits required. Unless otherwise indicated, the deformations that are described
in this Section apply to both Fill and Cut type ERSs. ERS deformation notations are listed in
Table 10-8.

Table 10-8, ERS Deformation Notations

Notation Description
Sy Vertical Differential Settlement
Ay Total Vertical Displacement / Settlement
Avr Maximum Vertical Displacement of soil reinforcement
S, Lateral Differential Displacement along the top of the wall
AL Lateral Displacement
L Distance used to denote boundaries for differential settlement computations
L Distance along the face that an ERS deforms away from the retained soil.
E Deformations are caused by lateral earth pressures.
L, Longitudinal distance of area affected by the compressive soils producing ERS
settlements.
Transverse distance that defines the length of the reinforcement over which the
Lg maximum settlement of the reinforcement is measured and the transverse
maximum differential settlement if determined.

ERS vertical settlements are typically due to ERSs being constructed over compressible soils
that experience soil deformation (elastic compression, primary consolidation, and secondary
compression) under constant load. It is anticipated that elastic compression will be completed
prior to the placement of pavement; however, the total settlement (elastic compression, primary
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consolidation, and secondary compression) anticipated to occur during construction of the ERS
shall be determined (RV-01A). The total settlement (primary consolidation and secondary
compression) after paving (RV-01B) shall be used in the determination of the Performance Limit
for all ERSs constructed in a single stage. For all ERSs constructed in 2 or more stages, the
settlement remaining after completion of the ERS shall be used in determining the Performance
Limits. In addition for ERSs located at the end bent of a bridge, the total settlement shall be
used in the development of static downdrag loads (see Chapter 16), if required. The vertical
settlements that are evaluated under the Service limit state are as indicated below. The
Performance Limits for ERSs are specified for the following types of deformations:

¢ Longitudinal Settlement Deformation
e Transverse Settlement Deformation
o Lateral Displacements

The maximum settlement shall be based on a 20-year design; however, the structural design life
(i.e., the structural components) shall be 100 years. The 20-year design life is used to match
the anticipated repaving schedule anticipated by SCDOT. Methods to evaluate stability and
deformations are provided in Chapters 13, 17 and 18.

10.7.2 Settlement Deformation — Longitudinal

ERS settlements are typically due to fill ERSs being placed over compressible soils. This type
of settlement is typically due to elastic compression, primary consolidation and secondary
compression of the compressible soils. ERS settlements can also be due to seismic hazards
such as soil SSL of the subgrade during or after a seismic event. ERS settlements are
evaluated at the top of the wall adjacent to the wall facing where differential settlements are
likely to cause the most distress to the wall facing. Performance Limits for settlements occurring
longitudinally (along the wall profile) are identified in Table 10-9. As indicated previously,
whether the ERS is completed in a single stage or multiple stages will affect how the maximum
vertical total and differential settlement will be determined. Methods to evaluate settlements are
provided in Chapters 13 and 17.
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Table 10-9, ERS Settlement (Longitudinal) Performance Limits

Deformation

Limit ID No. Description

Notation

Maximum Settlement from Elastic Compression + Primary
Consolidation + Secondary Compression along the top of
wall profile grade! that occurs during the construction of the
RV-01A ERS and commences immediately after construction begins
and terminates just prior to paving operations. This

Vertical deformation is used to adjust borrow and ERS height
Settlement, Ay requirements, if necessary.

Maximum Settlement from Primary Consolidation +
Secondary Compression along the profile grade® over the
RV-01B design life” of the pavement behind the ERS. The design
life begins after the pavement has been placed (i.e., the
settlement that occurs after RV-01A).

Maximum Differential Settlement from Elastic Compression
+ Primary Consolidation + Secondary Compression
occurring lo